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Concrete structures consisting of shallow slab and wall-like column elements
are common in areas of low and moderate seismicity, and are the predominant
structural system in the Eastern Mediterranean region. The structural members in the
lateral force-resisting system are flexible but have limited ductility and low shear
capacity. Recent earthquakes in Greece and Turkey have demonstrated the
inadequacies of these systems. Since they constitute such a large portion of the
building inventory throughout that region, the need for evaluation and retrofitting of

existing structures is obvious.

Nonlinear dynamic time history analyses provide information on the

magnitude and distribution of internal forces and deformations in yielding structures
vi



but are very sensitive to assumptions and initial conditions. The objective of this
study is to evaluate the influence of different earthquake ground motions, geometry
of the structure, and material characteristics on the response of flexible concrete
structures. The results are intended to provide guidance on use of nonlinear analyses

for seismic design and evaluation.

A prototype basic reinforced concrete frame structure typical of practice in
Lebanon was analyzed using scaled ground acceleration records from earthquakes
that have occurred in the region. Variations in the basic structure include different
mass distributions, variation of the column dimensions, orientation and layout of the
wall-type columns, and inclusion of infill walls. The columns are of special interest
because they are quite stiff in one direction and flexible in the other. Also, the
performance of the prototype structure subjected to various representative ground
motion records was studied. Retrofit schemes were investigated. Nonlinear static and

nonlinear dynamic analyses were performed.
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CHAPTER1
INTRODUCTION

1.1 General

Reinforced concrete structural systems with concealed beams and ribbed
slabs, slab-column systems and columns with large length to width ratio are often
used for architectural reasons and because they are economical and/or traditional in
some regions of the world. Under lateral forces, the flexibility of some elements in
these structures may lead to large interstory or overall drifts. Flexible concrete
structures have been used often in areas of low and moderate seismicity. In Lebanon
and the Mediterranean region, such structures predominate. Many Lebanese buildings
were designed according to codes where little attention was given to layout of the
structures or to details, connections and irregularities. Common problems include:

e Eccentric connections

e Poor detailing

— 90°hooks

— large spacing of ties in columns

— splicing of reinforcement in probable plastic hinge location
° Stiffness and mass irregularities

— soft story



— concentrated mass on roof
— Dbalconies

— discontinuous walls

An evaluation of the performance of these structures under seismic forces is
essential for carrying out rehabilitation of existing systems or for design of new

structures.

There is growing interest in the use of nonlinear static and nonlinear dynamic
time history analysis procedures in design offices. These inelastic analyses yield
information on the magnitude and distribution of internal forces and deformations in
yielding structures but are very sensitive to assumptions and initial conditions. Such
information is essential for evaluating the performance of a structure. Over the past
25 years, several nonlinear time history analysis programs have been developed.
However, the applicability and accuracy of those programs need to be evaluated

before they can be used in design offices.

The Federal Emergency Management Association has recently developed

guidelines for seismic rehabilitation (FEMA 273). The document describes analytical



models for components and connections to be used in the evaluation and retrofit of
existing buildings. The following material is included:
e Recommendations for analytical models of components and connections

e Four procedures for analysis
— linear static
— linear dynamic
— nonlinear static (pushover)

— nonlinear dynamic (time history)
The recommendations for modeling and the analytical procedures in FEMA

273 need to be examined regarding their applicability to flexible buildings.

1.2 Objective

The purpose of this study is to evaluate the influence of different parameters
including earthquake ground motions, geometric and material characteristics, on the
response of flexible concrete structures. The performance of flexible concrete
structural systems typical in the Mediterranean basin will be investigated using
available analytical tools and parameters that reflect the geometry of the systems.
Based on the results, recommendations will be suggested for the parameters to be
used in modeling flexible systems for evaluation of their performance and for retrofit

schemes applicable to flexible reinforced concrete buildings.
3



1.3 Scope

The behavior of flexible buildings was studied by considering variations in
geometry of the structural systems, in materials of construction, and in earthquake
ground motions. Plans and details of typical existing and retrofitted systems were
used. The parameters included were:

e Geometric characteristics

— variations in plan layout: dimensions and orientation of long axis

of columns
— use of infill
— effective moment of inertia for beams and columns

— retrofit schemes, geometry and details

e Characteristics of materials of construction
— steel

— concrete

e Earthquake ground motions
— peak ground acceleration

— site-specific records



Nonlinear time history analyses were used to determine the performance of
the systems under different ground motion records and different intensities of
shaking. Results using nonlinear static procedures were compared with those using
nonlinear time history procedures. Nonlinear static analyses in SAP2000 were

compared with similar analyses conducted using DRAIN-2D.



CHAPTER 2
LITERATURE REVIEW AND BACKGROUND INFORMATION

2.1 General

Performance-based design has been defined as a set of procedures that yield
structures with predictable performance and satisfy stated performance criteria. The
major building codes currently in effect include the American Concrete Institute
(ACI 318-95)°, the Uniform Building Code (ICBO-1994)'%, BOCA Code (BOCA-
1993)"! and Standard Building Code (SBCCI-1993)'2. Each of these in turn is based
either on the SEAOC Blue Book (SEAOC-1990)’ or NEHRP Provisions (BSSC-
1991)'3, resource documents which themselves are closely tied to ATC 3-06 (ATC-
1978)%°. Loads used in design are based on equivalent lateral forces and pseudo
displacements”’: The base shear (loads) is equivalent to the forces that the building is
expected to resist, but the building displacements using this base shear are less than
the displacements likely to occur during a design earthquake. Experience with past
earthquakes has indicated that this procedure is inadequate in controlling damage in
buildings. The primary goal of current codes is to provide life-safety in severe,
relatively rare earthquakes. Secondary goals include control of property damage and
maintenance of function through drift limitations in moderate events, which are
expected to occur more often. Codes have been developed empirically, based on
observations of actual damage that has occurred in past earthquakes and on extensive

research at various institutions. Therefore, they are considered as prescriptive
6



standards that yield actions assumed to result in acceptable performance with regard
to strength resistance, however the damage control is poor. The extensive damage
and economic losses that occurred during the 1994 Northridge and other recent
moderate earthquakes have stimulated structural engineers to consider protecting
economic investment in addition to meeting life safety requirements of structures.
The Structural Engineers Association of California (SEAOC) recognized the need
for performance evaluation even before the Northridge earthquake occurred. In 1992
the SEAOC Vision 2000 Committee was formed and subsequently (SEAOC 1995)
presented recommendations concerning performance based seismic design and
construction of buildings®. Vision 2000 was based on the use of newly developing
analytical techniques and methodologies for characterizing the behavior of structural
systems subjected to ground motion, using non-linear analysis methods.

In determining the performance of a structure, inelastic response analyses
were recognized as the most rigorous analysis procedure for seismic design'.
Inelastic response history analyses yield the needed information regarding
distribution of internal forces and level of deformations in critical elements in
yielding structures. Nevertheless, this procedure is a very difficult task to perform.
However, simple non-linear models for structural systems were developed over the
past 2Syears. Since their use does not require particular mastery of numerical
techniques, professional engineers may use them as an alternative to the linear

models that have been adopted almost exclusively so far”. Parameters to be used in



modeling a structure and determining a reliable response are the most difficult tasks
facing the structural engineer.

In this chapter, the philosophy behind the design of structures to resist
earthquake-induced forces is presented briefly. Performance-based design introduced
by the NEHRP documents (FEMA 310 and FEMA 273), is defined. Four analytical
design procedures are discussed, namely linear and nonlinear static and dynamic

procedures.

2.2 Earthquake Design Philosophy for Frame Structures
SEAOC expressed the general philosophy of earthquake resistant design of
buildings as follows?:
L-Resist minor earthquakes with no non-structural damage. Minor earthquakes
may occur frequently in the service life of a structure.
2- Resist moderate earthquakes with no structural damage, some non-structural
damage may take place.
3- Resist major earthquakes without collapse. The structure may sustain
significant structural and non-structural damage. Major earthquakes are rare and
should have long return periods.
Unlike standard design procedures for static loading, the structure is expected
to yield and deform well beyond the elastic limit in a major earthquake. Frame

members are expected to have a ductility that allows good energy absorption



capacity for the members. The ductility of a member is the ratio between the
deformation of the member at ultimate and the deformation at yield. Although it is
possible to design a structure to respond elastically during a major earthquake, it is
economically and architecturally impractical.

Current design code procedures require most structures to deform in the
inelastic range during a major earthquake by using reduction factors greater than
unity for the design loads. Figure 2.1 shows the lateral force versus lateral
displacement relationships for two structures A and B that are assumed to have the
same initial stiffness but different lateral strengths. A behaves elastically while B can
deform beyond its elastic range. It can be seen from Fig. 2.1 that structure B can be
designed for a lower strength than structure A, provided that the inelastic
deformation of structure B is controlled. The higher the ductility of structure B, the

larger its energy dissipation capacity and the lower the required strength.

A

Sa

7]
-]

Lateral Force

Aa Ap
Lateral Displacement
Figure 2.1 Force-displacement relationship



Current codes account for nonlinear seismic response in a linear static
analysis procedure by including a response modification factor in calculating a
reduced equivalent base shear to reproduce a rough approximation of the internal
forces during a design earthquake. This modification factor is function of the
ductility of the structure. Other modification factors can be used to account for the
importance (use) of the structure and to represent the soil interaction with the
structure. The ductility of the structure depends on the structural system and the
material of construction. Building displacements using this base shear are
significantly less than the displacements the building will actually experience during
an earthquake, thus this method introduces another modification factor for estimating
the drift and ductility demands.

To ensure ductile behavior for a reinforced concrete structure, current design
provisions require special detailing of frame members and connections. The
philosophy of forcing the beams to yield before columns also known as weak- beam

strong-column provision is implemented by the formulae (2. 1y’

ZMcnl E
—ZMM,. 2 5 2.1)

This design provision is based on the capacity of the member section, where
EM“,, is the sum of column capacities at the frame connection and EM seam 1S the
sum of beam capacities at the connection. Figure 2.2 shows the possible failure
mechanisms for a frame structure.

10



Strong-Beam Weak-Column Weak-Beam Strong-Column

L1785

Undesirable

Figure 2.2 Possible Failure mechanisms for frame structures subjected to later
forces'.

The strong-beam weak-column mechanism is undesirable mainly because yielding
of columns in a given story means increased likelihood of collapse of the entire
building. The weak-beam strong-column mechanism increases the likelihood of
flexural yielding in beams prior to hinging of columns which allows energy

dissipation with less likelihood of collapse of the building.

2.3 Soil Structure Interaction

The estimation of earthquake motions at the site of a structure is the most
important phase of the design or retrofit of a structure. Many methods were
developed to conduct accurate earthquake analysis of a soil-structure system in the
time domain, including many realistic nonlinear propertiesﬁ'u"‘. These methods vary
in complexity, from finite element modeling that accounts for the effects of

foundation embedment, variations of soil properties with depth, etc, to simplified
11



procedures that utilize axial and rotational springs and corresponding dashpots to

simulate the stiffness and damping of the foundation soil. Two simplified procedures

can be used to account for the effects of the soil-structure interaction’®:

The first approach involves modifying the dynamic properties of the structure
and the evaluation of the response of a modified structure to the free-field
motion. Interaction effects are introduced by the addition of springs and dashpots
as a model for the effective stiffness and damping of the interacting soil-structure
system. This model produces an increase in the fundamental period of the
structure as a result of the flexibility of the foundation soil. The change in
damping results mainly from the effects of energy dissipation in the soil due to
radiation damping and inelastic action in the soil. Despite the simplifications in
modeling, this procedure yields results that are in close agreement with those of
more “accurate” but expensive procedures, such as finite element method™.
Table 2.1 shows formulas that can serve in computing the spring stiffness and the
effective mass and damping factors used in modeling the foundation soil under a

rigid circular plate on the surface of a half-space.
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DIRECTION |STIFFNESS DAMPING MASS
4G
k=l_: 1.79 \Jkor® |1.50 pr?
Vertical
18.26r- 4=V 7 10.28 pr?
2Gr——— [1.08 \/kpr .28 pr
Horizontal (2-v)
2.7Gr? 0.47 A/kpr® |0.49 pr®
Rotation
omion | 3-3GT° 1.114/kpr® |0.70 pr®

p = mass of unit volume

v = Poisson’s ratio

r = plate radius

G= shear modulus

Table 2.1 Properties of Rigid Circular Plate on Surface of Half-Space?

* The second procedure involves modifying the free-field ground motion and

analyzing the response of the fixed-base structure using the modified ground

motion.

If a lightweight flexible structure is founded on very stiff rock, the
assumption that the input motion at the base of the structure is the same as the free
field earthquake motion is valid. This assumption is valid for most building
structures, since buildings are approximately 90% voids, and very often, the weight

of the soil excavated is excavated before the structure is built and is equal to or
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greater than the weight of the structure 2. However, if the structure is very massive
and stiff, and the soil is relatively soft, then interaction between the soil and the
structure in the proximity of the foundation is expected to occur.

For most structures, particularly buildings, simplified procedures will yield
acceptable results, except for very massive structures such as dams where the soil
need to be modeled more accurately, using finite element methods for example.

Large structures can cause the surrounding terrain to move. This effect is not
of great significance for most buildings and can be ignored in their fundamental
mode. However, the effect can be large for high modes of vibration, in particular for
13132 [

large buildings where the participation factor of high modes is not negligible

this study, the effect of soil-structure interaction will be neglected.

2.4 Performance-Based Seismic Engineering
24.1 General

The civil engineering community has developed techniques to design
structures to behave elastically even in the most severe earthquakes. However, severe
earthquakes are relatively infrequent events with low probability of occurring during
the life of a building. Therefore, it is generally unnecessary and uneconomical to
design all buildings to remain elastic in such rare events. Only critical facilities and
facilities that contain hazardous material need to remain undamaged during sever

earthquakes.
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Hence, engineers have been designing buildings that can survive severe
earthquakes without collapse but with some damage occurring. Life safety has been
the primary concem for designers. Following the experience gained from recent
earthquakes in California and Japan, structural engineers and building owners are
realizing the need to control economic losses due to non-structural damage and
business interruption from minor to moderate earthquakes in addition to satisfying
requirements for life safety. Sozen*® states that the most relevant performance
criterion for a building structure that has survived an earthquake is the cost of all
damage, not only damage to structural elements. Much of the earthquake damage in
buildings that do not collapse has been observed to be related to the distortion of the
building®. An acceptable measure of the distortion is given by the story drift ratio.
The higher the dn';t ratio, the higher the amount of damage in the structure. Simple
techniques for estimating structural displacements helped to develop design based
explicitly on expected displacements. Displacement-based or performance-based
design is useful for the owner or the designer in setting a performance level that is
based on controlling displacement demands. The goal is to minimize earthquake
related cost to the building owner over the life of the building by finding a balance
between the cost related to providing minimum earthquake resistance to satisfy life
safety and the cost related to damage in possible future earthquakes'®. Consequently,
performance-based standards for structural design can be considered to depend on

three major elements:
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-Definition of performance levels or damage states.
-Definition of actions or events that are likely to affect the structure.

-Definition of acceptable or satisfactory performance.

24.2 Performance Levels

The Structural Association Engineers of California (SEAOC) recognized five
performance levels for buildings in the Vision 2000 report®® published in 1995.
SEAOC recommended the use of maximum transient interstory drift ratio to relate
the displacements in a building to the performance level of the building. Each
performance level is related to a range of damage. Figure 2.3 shows the spectrum of
damage states that a building may experience when subjected to ground motions of
increasing severity. Table 2.2 illustrates permissible levels of damage to the various
systems and sub-systems in buildings, for each of the performance levels. It also
shows typical transient and permanent drift ratios for the corresponding level of

performance.
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Damage Range & Damage States and Performance Level Thresholds
Damage Index

10@ No damage, continuous service. .
3
2
8 Continuous service, facllity operates and functions aftel
4 earthquake. Negligible structural and nonstructural

damage.

Figure 2.3 Spectrum of Damage States™*
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Performance Level

System Description 10 Fully Operational 9 | 8 Operational 7| 6  LifeSafe 5 |4 NearCollapse 3| 2 Collapse 1
Overall building damage Negligible Light Moderate Severe Complete
Permissible transient drift <0.2%+/- <0.5%+- < 1.5%+/- <2 5%+ >2.5%¢-
Permissible permanent drift Negligible. Negligible. <0.5%+- <2.5%¢- > 2.5%+H-
Vertical load canrying Negligible. Negligible. Light to moderate, but Moderatc to hcavy, but | Partial to 1otal loss of
clement damage substantial capacity clements continue to gravity load support.

remains to carcy gravity | support geavity loads. .
loads.
Lateral Load Carrying Negligible - generally Light - nearly elastic Modcrate - reduced Negligible residual Partial or total collapse.
Element damage elastic response; no response; original residual strength and strength and stiffness. Primary elements may
significant loss of strength and stiffness stiffness but lateral No story collapse require demolition.
strength or stiffness. substantially retained. system remaing mechanisms but large
Minor cracking/yiclding | functional. permanent drifts.
of structural clements; Secondary structural
repair implemented at clements may completcly
convenience. fail.
Damage to architectural Negligible damage to Light to moderate Moderate to severe Scvere damage to Highly dangerous falling
systems cladding, glazing, damage to architectural | damage to architectural | architectural systems hazards Destruction of
partitions, ceilings, systems. Essential and systems, but large falling | Sume clements may components.
finishes, ctc. Isolated sclect protected ilems hazards not created. dislodge and fall.
clements may require undamaged. Hazardous | Major spills of
Tepair at users materials contained hazardous materials
convenience. contained.
Egress systems Not impaired. No major obstructions in | No major obstructionsin | Egress nay be Egress may be highly or
exit corridors. Elevators | exit corridors. Elevators | obstructed completely obstructed.

can be restarted perhaps | may be out of service for
following minor an extended period.
scrvicing.

Table2.2 General Damage Description by Performance Levels and System>*
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System Description

Performance Level

10 Fully Operational 9

8  Operational 7

6 Life Safe s

4  Near Collapse 3

2 Collapse 1

Mechanical/Electrical/

Functional.

Equipment essential to

Some equipment

Severe damage and

Pantial or total

Plumbing/Utility Systems function and fire/life dislodged or overturned. | permanent disruption of | destruction of systems,
safety systems operate. Many systems not systems. Permancnt disruption of
Other systems may functional. Pjping , systems.
require repair. conduit ruptured.
Temporasy utility service
provided as required..
Damage to contents Some light damage to Light to moderate Moderale to severe Severe damage to Partial or total loss of
contents may occur. damage. Critical damagc (o contents. contents. Hazardous contents.
Hazardous materials contents and hazardous | Major spills of malerials may not be
secured and undamaged. | materials sccured. hazardous materials contained.
) contained.
Repair Not required. At owners/tenanis Possible - building may | Probably not practical. Not possible.
convenience. be closed.
Effect on occupancy No effect. Continuous occupancy Short termi to indefinite | Polential permanent loss | Permancat loss of use.

possible.

loss of use.

of use.

Table 2.2 (continued)
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Four building performance levels were adopted in the NEHRP document,
Guidelines for the Seismic Rehabilitation of Buildings (FEMA 273 and FEMA
274)'. Each building performance level is made up of a structural performance level
that describes the limiting damage state of the structural systems and a nonstructural
performance level that describes the limiting damage state of the nonstructural
systems.
There are five structural performance levels:

s S-1 Immediate Occupancy Performance Level.
s  S-2 Damage Control Performance Range.

s S-3 Life Safety Performance Level.

* S-4 Limited Safety Performance Range.

s S-5 Collapse Prevention Performance level.
And five nonstructural performance levels:

* N-A Operational Performance Level.

* N-B Immediate Occupancy Performance Level.
* N-C Life Safety Performance Level.

* N-D Hazards Reduced Performance Level.

* N-E only structural improvements are made.
Figure 2.4 illustrates the building performance levels and ranges and Table 2.3

shows the damage control within a building performance level.

20



Higher performance
Less loss

Operational Level
Backup utility services maintain

Functions; very little damage.
(S1+NA)

Immediate Occupancy Level
The building receives a “green tag®™”
(safe to occupy) inspection rating;
any repairs are minor.

(S1+NB)

Life Safety Level

Structure remains stable and has
Significant reserve capacity; hazardous
Nonstructural damage is controlled.
(S3+NC)

Collapse Prevention Level

The building remains standing, but only
barely; any other damage or loss is acceptable.
(S5+NE)

Lower performance
More loss

Figure 2.4 Spectrum of Damage States'
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Damage Control and Building Performance Levels

Building Performance Levels
Immediate
Collapse Prevention | Life Safety Occupancy Operational
Level Level Level Level
Overall Damage Severe Moderate Light Very Light
General Little residual stiffness | Some residual No permanent drift. No permanent dnift;
and strength, but load- | strength and stiffness | Structure structure substantiaily
beanng columns and | left in all stories. substantially retains retains original
walls tunction, Large Gravity-load-bearing original strength and strength and stitiness.
permanent drifts. elements function. No | stiffness. Minor Minor craciung of
Some exits blocked. out-of-plane failure of | cracking of facades. facades, partitions,
Infills and unbraced walls or tipping of partitions, and and ceilings as well
parapels failed or at parapets. Some ceilings as well as as structural elements.
incipient failure. permanent dnft. structural elements. All systems important
Building 1s near Damage 1o partitions. | Elevators can be to normal operation
collapse. Building may be restarted. Fire are functional.
beyond economical protection operable.
repair.
Nonstructural Extensive damage. Falling hazards Equipment and Negligible damage
components mitigated but many contents are generally | occurs. Power and
architectural, secure, but may not other utilities are
mechanical, and operate due to available,
electrical systems are | mechanical failure or | from standby sources.
damaged. lack of utilities.
Comparison with Significantly more Somewhat more Much less damage Much less damage
performance intended | damage and greater damage and slightly and lower risk. and lower risk,
for buildings risk. higher risk.
designed, under the
NEHRP Provisions, for
the Design
Earthquake

Table 2.3 General Damage Descriptions by Performance Levels'.

The four building performance levels described in Table 2.3 and Fig. 2.4 are
summarized below:

s  Operational Level (1-A): The building is occupiable and all equipment and

services related to the building’s basic occupancy and functionality are available
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for use. In general, the damage is negligible and repair is not required. Under
low levels of ground motion, most buildings should be able to meet or exceed
this performance level. However, it will not be economically practical to design
for this performance under severe levels of ground shaking, except for buildings
that house essential services.

Immediate Occupancy Level (1-B): The building is expected to sustain
minimal or no damage to its structural elements. (In a concrete frames, this kind
of damage corresponds to minor hairline cracking, limited yielding and generally
strains below 0.003.) The building remains safe to occupy for its normal intended
function, immediately following the earthquake. However, damage to some
contents, utilities and non-structural components may disrupt some normal
functions. Back-up systems and procedures may be required to permit continued
use. Repairs may be instituted at the owners’ and tenants’ convenience. Many
building owners may wish this level of performance when the building is
subjected to moderate earthquake ground motion. Some owners may desire such
performance for very important buildings under severe levels of earthquake
ground shaking.

Life Safety Level (3-C): The building may experience extensive damage to
structural and nonstructural components. (In a concrete frame, this damage
represents extensive damage to beams, spalling of cover, shear cracking (1/8” or

less), minor column-spalling, joints cracked.) The structure’s lateral stiffness and
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ability to resist additional lateral loads have been reduced, possibly to a great
extent, however, some margin against collapse remains. Repairs may be required
before reoccupancy, and repair may be deemed economically impractical. Many
building owners will desire to meet this performance level for a severe level of
ground shaking.

* Collapse Prevention Level (5-E): An extreme damage state in which the lateral
and vertical load resistance of the building have been substantially compromised.
Aftershocks could result in partial or total collapse of the structure. Many
buildings meeting this level will be complete economic losses. (In a concrete
frame, this damage can be seen as extensive cracking and hinge formation in
ductile elements, limited damage to non-ductile elements and severe damage to
short columns.) This performance level has sometimes been selected as the basis
for mandatory seismic rehabilitation ordinances enacted by municipalities as it
reduces the severe life-safety hazards at relatively low cost.

In order to determine the level of performance for a structure, the level of ground

motion that the structure is expected to be subjected to, must be selected.

2.4.3 Earthquake Design Levels
Four earthquake design levels are recognized by SEAOC in VISION 2000*.
These levels are expressed in terms of a mean recurrence interval or a probability of

exceedance as shown in Table 2.4**. The mean recurrence interval (e.g. 475 years) is
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an expression of the average period of time, expressed in years, between the
occurrence of earthquakes which produce effects of the same, or greater, severity.
The probability of exceedance (e.g. 10% in SO years) is a statistical representation of
the chance that earthquake effects exceeding a given severity, will be experienced at
the site within a specified number of years. The relationship between the recurrence

interval and the probability of exceedance in a specified number of years is given by

equation (2.2):
1
Fe=—7 Eq.22)
~In(1-Pg, ) A&
l1-e”
Where,

Pg is the mean return period in years.
Pe, is the probability of exceedance in n years.

In FEMA 273, two levels of earthquake shaking hazard are used to satisfy the
basic safety objectives, namely, Basic Safety Earthquake 1 (BSE-1) and Basic Safety
Earthquake 2 (BSE-2) also called Maximum Considered Earthquake ground motion
(MCE). The United States Geological Survey (USGS) had developed, in 1996,
national probabilistic maps of expected seismic ground shaking for. ground motions
with a 10% chance of exceedance in 50years, a 5% chance of exceedance in 50 years
and a 2% chance of exceedance in 50 years. These maps plot key ordinates of a
ground acceleration response spectrum, allowing development by the user of a

complete spectrum at any site. In most areas of the United States, BSE-2 earthquake
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ground motion has a 2% probability of exceedance in 50 years' (the corresponding
return period is 2,475 years). The BSE-1 earthquake is defined as that ground
shaking having 10% probability of exceedance in 50 years (the corresponding return
period is 474years). For BSE-1, ground motions need not exceed those used for new

buildings, defined as 2/3 of the BSE-2 motion'.

Table 2.4 Earthquake Design Levels®

Earthquake Design Level | Recurrence Interval Probability of
Exceedance
Frequent 43 years 50% in 30 years
Occasional 72 years 50% in 50 years
Rare 475 years 10% in 50 years
Very Rare 970 years?® 10% in 100 years®

2.4.4 Design Performance Objectives
The combination of a target performance level and a specific intensity of
ground motion at which the performance is to be achieved is termed a Performance

Objective. Figure 2.5%isa graphical summary of the recommendations for minimum
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design performance objectives for buildings of different occupancies and uses.
Similar figures can be drawn to illustrate the design performance for buildings with

the performance levels defined in FEMA 273', as shown in Table 2.5.

Earthquake Performance Level

Fully Operational Operational Life Safe Near Collapse
Frequent e 5 B o o
(43 year) NG Unacqfeptab?e
3 e " Perfarmance
a s ot D {for New Construction)
- . e . ‘..’1‘ 1‘1’,}*..‘:
c Occasional  [¥ rEL _Ge_.@.g o fo)
S5 (T2yean) | ; Eve -3
A R T,
- e ';:,:f *\-_g{-v -"v:
(a] N 9% -
2
] Rare
3 (475 year)
£
T
«
w
Very Rare
(970 year)

Figure 2.5 Recommended Performance Objectives for Buildings®.
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Enhanced Obijectives
- Basic Safety Objectives
. Limited Objectives

Table 2.5 Rehabilitation objectives as by FEMA 273!
In Table 2.5, basic safety objective, BSO, is a performance level intended to
provide a low risk of life endangerment for any earthquake likely to affect the

structure. However, buildings meeting the BSO are expected to experience little
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damage from relatively frequent, moderate earthquakes, but significant damage may
occur in severe earthquakes.

On the other hand, the enhanced rehabilitation objectives are intended to
provide performance superior to that of the BSO. Enhanced objectives lead to design
in which damage is limited and losses associated with that damage are reduced or
eliminated. The limited rehabilitation objectives are intended to provide performance
inferior to that of the BSO. Limited objectives are intended primarily for cases where
existing inadequate structures are improved but to standards less than those required

for new buildings.

Basically, conducting performance-based design is matching expected
performance with the needed performance in order to minimize the total building
cost over its life span. For such a design approach, computational tools are needed,
that permit inelastic analysis of systems and are based on an understanding of

structural behavior of the system and the construction materials.

245 Component Modeling and Acceptance Criteria

A critical section of a structural member that can control the mode of failure
of the member is termed component. For the purpose of conducting analysis of
structural systems, FEMA 273 provides designers with typical component behavior

and acceptance criteria corresponding to different performance objectives.
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Idealized load-deformation curves (Fig. 2.6) for various types of component

actions are recommended in FEMA 273.

\.

S P,

Ry ——.
. - o~ s on

[} ]

1 1

g e a4 0 a4
Type 2 curve Type 3 curve

Where,

Qy is the yield strength of the component.

Q is the load exerted on the component.

A is the deformation of the component.

Figure 2.6 General Component Behavior'

Type | represents typical ductile behavior of component that has residual capacity
after the peak load is reached. Type 2 is representative of ductile behavior up to a
peak load but sudden, total loss of capacity thereafter. Acceptance criteria for
elements that exhibit type 1 or type 2 behavior are typically within the elastic or
plastic ranges between points 1 and 2, depending on the performance level. In FEMA
273, component actions exhibiting type 1 or type 2 behavior are considered
deformation-controlled if the strain hardening or strain softening range is sufficiently

large e>2g, otherwise they are considered force-controlled. Type 3 is
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representative of brittle behavior with no inelastic deformation prior to failure.
Component actions displaying this behavior are always considered force-controlled.
Acceptance criteria for components exhibiting force-controlled behavior must
always be within the elastic range.

Figure 2.7 shows idealized load deformation relationship used in FEMA 273
to model and to specify acceptance criteria for deformation-controlled component.

Tables recommending values for a, b, ¢, d and e are also provided'.
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Qce .
' Qce is the expected strength of
b
a the component
: ¢ 0 is the rotation
1]
1
! ] T A is the displacement
A 0 B¢
Qord h is the length of the
(a) Deformation component
_Q I\ L.O.= Immediate Occupancy
Qce
e L.S.= Life Safety
d- C.P.= Collapse Prevention
—C
8 P is primary component
A [» Ja— ‘g S is secondary component
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_éi B or 4.
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(b) Deformation ratio
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Oeformation or deformation ratio
(c) Component or efement deformation limits

Figure 2.7 Idealized Component Load versus Deformation curves for Modeling and

Acceptabilityl
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In FEMA 273, acceptance criteria rely on component behavior rather than
global structural behavior even though the performance levels are described in terms
of global behavior. Thus, the probable performance of the structure might be
underestimated because system effects are neglected. Hamburger*® emphasized the
conservatism in FEMA 273 due to component-based approaches through the
following example:

A structure comprised of three vertical components, labeled 1, 2, and 3 respectively
acting in parallel as shown in Fig. 2.8. For each of the three components, the element

shear and lateral deflection relationship is drawn in Fig. 2.8.

70
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X
Q 30 - e -3
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0 1 2 3 4 5
Lateral deflection{cm)

Figure 2.8 Effect of Parallel Components on System Behavior*
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Hamburger® states, “using FEMA 273, the acceptable displacement for Collapse
Prevention performance would be defined as 4 cm, beyond which displacement
component 1 degrades in strength. The permissible deformation for Life Safety
performance would be 75% of the deformation for Collapse prevention performance,
or 3 cm. However, critical review of the pushover curve for the structure indicates
that a more realistic estimate of the Collapse Prevention performance for this
structure would occur at a displacement of Scm, beyond which the structure as a
whole, rather than a single component, degrades in strength. Similarly, for the Life
Safety level, it would appear that a deformation of 3.75cm would more realistically
provide the intended margin of 1.33 against collapse. The structure shown in Fig.
2.8, in which components act in parallel is a redundant structure, in which the

failure of one component doesn’t compromise the behavior of the structure.”

2.4.6 Analysis Procedures

Many analytical procedures have been developed in order to determine the
forces and deformations in structures®’~’. These methods include elastic static and
dynamic procedures, as well as pushover and dynamic nonlinear time-history

analysis. A brief summary of some of these methods is given below.
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2.4.6.1 Linear Static Procedures (LSP)

This procedure is the only one feasible for hand calculations. The vast
majority of structures are designed using equivalent static lateral loads in accordance
with the Uniform Building Code or other model codes.

For LSP, the building is modeled with linear-elastic stiffness and equivalent
viscous damping. Design earthquake demands are represented by static lateral forces.
In FEMA 273, the sum of these static lateral forces is equal to the pseudo lateral
load. In UBC-94, the sum of these forces is equal to the equivalent base shear. In
FEMA 273, this procedure is based on equivalent displacement and pseudo lateral
forces while in UBC-94 it is based on equivalent lateral forces and pseudo
displacements.

In designing a building following UBC-94, lateral forces are determined by
first calculating the design base shear, which is proportional to the weight of the

building as described in equation (2.3):

V= -EW (2.3)
where Z = seismic zone coefficient.

I = importance factor.

C = site coefficient.

Ry = structural system coefficient.

w = total seismic dead load.
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Z, C, Rw, and I are function of zoning, site characteristics, occupancy, configuration,
structural system, building height, and building weight

The design base shear is distributed over the height of a building. A portion
of the design base shear is concentrated at the top of a flexible building (if building
fundamental period of vibration, T > 0.7 sec.), to account for the higher mode
effects. The rest of the design base shear is distributed in proportion to the story
masses, varying from a maximum value at the top to a minimum at the bottom, in
correspondence with fundamental mode response. If the story masses are the same,
the rest of base shear is distributed linearly over the height of the structure. Story
shear can be calculated using equation (2.4). The distribution of shear along the

height of the building is graphically represented in Fig. 2.9.

V,=F+3F, @4)
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UBC-94 FEMA 273

F;, Fa, Fx = lateral force applied to level i, n or x, respectively.

F. = portion of V considered concentrated at top of structure in
addition to F,.

hi,hy = height in ft above base to level i, or x, respectively.

Wi, Wy = that portion of w which is located at or assigned to level i or x,
respectively.

w = total seismic dead load.

T = fundamental period of vibration of structure in seconds in
direction of analysis.

\% = total lateral force or shear at the base for which a building is to
be designed.

Figure 2.9 Lateral Force Distribution
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In designing a building following FEMA 273, lateral forces are determined
by first calculating the pseudo lateral load, which is proportional to the weight of the
building as described in equation (2.5):

V=CC,CSW

2.5)

Where
W is the total seismic dead load.

C, is function of the period, T, of the building.

T is function of the building height, the structural system and material of
construction of the building.

C; reflects the effect of strength and stiffness degradation

C; represents an adjustment for increased displacements due to P-A effects.

Sa is the response spectrum acceleration at the fundamental period and damping ratio
of the building in the direction under consideration. In FEMA 273, section 2.6.1.5
provides equations and modification factors that can be applied to key ordinates of
ground motion response spectrum that are plotted in the maps developed by USGS in
1996. S, can be determined directly from the complete response spectrum plotted
using the modified key ordinates and the corresponding equations.

The pseudo lateral load is distributed over the height of a building as
described by equation (2.6)
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F.=C,V (2.6)

Where:

k is function of T

C.x = vertical distribution factor

V = pseudo lateral load

w;= portion of the total building weight W located at floor level i
wy = portion of the total building weight W located at floor level x
h; = height from the base to floor level i

hx = height from the base to floor level x

2.4.6.2 Linear Dynamic Procedure (LDP)

The LDP includes two analysis methods, namely, the response spectrum and
time-history analysis.
I-  The response spectrum method was first introduced by Housner® and
Biot**. This method uses peak modal responses calculated from dynamic analysis
of a damped single-degree-of-freedom oscillator. Figure 2.10 illustrates the
procedure for computing and constructing the response spectrum for a given ground
motion and a specified damping ratio. For multi-degree-of-freedom systems, the

response of the structure is represented as a linear superposition of mode shapes, for
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each mode shape, the structure is treated as a single-degree-of-freedom system. To
combine the modal responses, techniques such as the square root of the sum of
squares (SRSS) were developed. However, the SRSS method fails when the modes
of the structure are very close. Then other techniques such as the complete quadratic
combination (CQC) which take into account the correlation between modes need to
be used’’. Only those modes contributing significantly to the response need to be
combined (most codes allow considering those modes that cause 90% of the
participating mass to vibrate). The response spectrum method is used only to

determine the maximum responses of structures.
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Figure 2.10 Computation of Displacement Response Spectrum for the 1940 El

Centro NS Component with 0.05 damping ratio™.
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Current codes recommend that a smooth curve of the normalized spectral
response be used for design and evaluation of buildings*'. Typically, a curve for the
spectral acceleration consists of a constant value corresponding to low periods and a
hyperbolically declining curve for higher periods. Figure 2.11 shows calculated and
idealized response spectra for the N9OE component of the San Francisco Presidio

earthquake with 5% damping,

Response Spectrum, 5%damping

Spectral Acceleration(cm/sA-2)

Figure 2.11 San Francisco Presidio Spectra with 5% damping on hard rock.
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In UBC-94, the declining curve includes the higher mode contribution to the
response of the structure. Soil structure interaction is introduced through the spectral

displacement or acceleration curve.

2- The Time-History method involves a time-step-by-time-step evaluation of
building response using discretized recorded or synthetic ground motion
records. This method is particularly useful in nonlinear analysis and in cases
where the characteristic modes of the structure are very close. Time-history

procedures will be detailed in section 2.4.6.4

2.4.6.3 Nonlinear Static Procedures (NSP)

The non-linear static analysis also known as Pushover analysis, is a simple
and efficient technique to predict the response under lateral forces of a structure
without the need to conduct a dynamic analysis. A pushover analysis is expected to
establish the sequence of component yielding and/or failure, the global ductility, and
the adequacy of the structure by providing a relationship between the roof
displacement and the base shear of the structure. The method consists of the
application of an increasing monotonic static lateral load with a specified lateral load
distribution along the height of the structure. The lateral load is increased until either
a mechanism forms or a target displacement for a specific part of the structure is

reached. The response varies depending on the pattem of the load applied. There are

43



several patterns used, including uniform distribution, inverted triangular distribution
and modal adaptive distribution®. The former two patterns bound the response and
are the most commonly used. The modal adaptive distribution captures the different
modes of deformation and the influence of higher modes in the response but is more
difficult to implement in existing analytical programs as it needs to be updated at
each event of the analysis. Moghadam*? and Nicoletti*’ suggested methods for using
3D-pushover analysis for asymmetric buildings based on the modal adaptive
distribution method.

Two lateral load patterns were assumed in FEMA 273: The first pattern is the
“uniform” pattern. The second is the “modal” pattern corresponding to the initial
elastic modal response. In FEMA 273, pushover analysis is recommended for
buildings with irregularities without significant higher-mode response. The NSP
should be implemented with caution and after comprehensive knowledge of the
structure and its components has been obtained.

Another nonlinear static procedure, the Capacity Spectrum Method (CSM) was
adopted in ATC 40. The procedure compares the capacity of the structure (in the
form of a force deformation relationship based on a pushover analysis) with the
demands on the structure (in the form of response spectra). The graphical
intersection of the two curves represents the expected response of the structure*, In
order to account for inelastic behavior of the structure, effective damping values are

applied to the elastic response spectrum to produce an inelastic response spectrum.
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5% damping is assumed to represent a linear elastic response and 20% damping a
response at an approximate displacement ductility of 3 using the procedure in ATC
40. If the capacity curve intersects the demand envelope, the building is expected to
survive the earthquake. It is a simple method for rapid evaluation of structures.

In checking a structure using the capacity spectrum method, first, a pushover
analysis is conducted to relate the roof displacement, Ag, of the structure to the base
shear, V/W. Then, Az and V/W are converted to spectral displacement, Sy, and
spectral acceleration, S,, respectively, by use of modal participation factors and
effective modal weight ratios as determined from dynamic characteristics of the
fundamental mode of the structure (ATC-40). Each mode of vibration is related to

the corresponding spectral acceleration and spectral displacement by Eq (2.7)

Sa

T.=2x
Saig

2.7

The inelastic response spectra can be deduced from the elastic response
spectrum using the method developed by Newmark and Hall*®:

In the constant acceleration range, the inelastic spectrum can be approximated by the

elastic response spectrum reduced by J——
2u-1

In the constant velocity and displacement ranges, the inelastic response spectrum can
be approximated by the elastic spectrum reduced by %‘
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Where p is displacement ductility (x4 =

The relationship between damping and ductility can be found in tables from research

studies*®*” or ATC-40.
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Figure 2.12 Idealized capacity spectrum method for an ideal structure®.

In Fig. 2.12, idealized capacity spectra are plotted for an ideal structure. Four
capacity demand curves are shown, corresponding to damping ratio of 5, 8, 12 and
18%. Note that the elastic limit (Sd=2.3") of the capacity curve does not intersect the
response spectrum curve corresponding to 5% damping (elastic range). Therefore,
the elastic demand exceeds the elastic capacity, and the structure is in the inelastic
range. For example, the structure is expected to sustain an earthquake with a spectral

acceleration of 0.36g and a spectral displacement of 6.3” corresponding to the point
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where the capacity curve of a ductility corresponding to 15.5% damping meets the
demand curve corresponding to 15.5% damping.
2.4.6.4 Nonlinear Dynamic Procedure (NDP)

To better understand the nonlinear dynamic procedure, a review of nonlinear
time-history analyses is needed. As stated in section 2.4.6.2, nonlinear time history
dynamic analysis involves a time-step-by-time-step direct integration of the
equilibrium equation. At any time step, the incremental dynamic forces acting on a
structure during a time step At should satisfy equilibrium, Eq 2.7:

MAR(t) + CAk(t) + KAx = AF(t) .7

For the numerical solution of equilibrium equations in the time domain, there
are two fundamentally different groups of algorithms available: explicit and implicit
integration schemes®. In explicit integration, the equation of motion, Eq.(2.7) is
established for time t, accelerations and velocities at t are approximated using the

central difference operator as follows:

I

%, =—;(x,_m —2x; +x,0,) (2.8)
At

) 1

Xp = E(—xt_u + xH'Al) (2.9)

Substitution of Egs. (2.8) and (2.9) into Eq. (2.7) leads to

1 l 2 | |
(FM +E'C)x“,~ = F, -(K-F M)x, '(FM -?A—tC)x'-N (2. 10)
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This set of equations can be solved directly for Xe.a, the unknown

displacements at time t+At. For diagonal matrices M and C, this task is trivial and

does not require the factorization of the stiffness matrix K of the structure.

In implicit integration, accelerations and velocities are approximated using

the Newmark method as follows:

Xy .
X M=—(.r M-x)————2x
r* At?' r+ d Ar f

3
X =—{(x -x)-2% -—X
t+AL A t+Ar ! 4 2 t

Substitution of Eqs. (2.11) and (2.12) into Eq. (2.7) leads to
K‘xnm = FI:N
where

K = K+—6,-M +iC
Ar” A

E +( 6 +
= —X
t+At t+AL Atz t

—6 X, +2X )M+(—3 X, +2X% +-—At" )C
X X X
At t ! At t t 2 t

(2.11)

(2.12)

(2.13)

(2.14)

(2.15)

Eq. (2.13) can be solved for the displacements X ar. But this task involves

factorization of the effective stiffness matrix K', which is a computationally

expensive task. Moreover, K* changes whenever K changes, such as due to inelastic

behavior or when At is varied. The piecewise linearization of response histories
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causes unbalanced forces at each time step which can be resolved using various
numerical analysis techniques®.

To provide stability in the explicit algorithm, the time step should satisfy the
Courant condition, At < T, / ®, where T, is the smallest natural period of the
structure. Physically, this requirement means that At should be on the order of the
time required by sound waves to travel through the smallest member or element in
the structure. This time step can be extremely small. For example, the sound
velocity in steel is 16,800 ft/sec. Thus, a sound wave travels along a 12 ft column in
0.7 x 10 sec, so that the stability criterion requires At < 0.2 x 10 sec. In the case
of structures with massless degrees of freedom, the method breaks down because T,
=0, unless such degrees of freedom are condensed out prior to the time step solution.
Thus, even though the solution of Eq. (2.10) requires relatively little effort, a time
history analysis of a 10-second earthquake record may involve at least 50,000-time
steps®.

Implicit algorithms generally are unconditionally stable, regardless of the
Courant condition. The time step size may be several orders of magnitude larger
than T,. Physically, these algorithms have the effect of suppressing the higher
modes through artificial damping. It is of interest to note that these higher modes
generally contribute little to the structural response. But when an unstable

integration method is used, a violation of the stability criterion causes these high
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frequency modes to drown out the responses of the significant lower modes, thus
making the results useless.

In summary, the choice of a numerical solution algorithm has to reflect a
balance between accuracy and stability requirements. The apparent computational
advantage associated with the larger time steps of an implicit integration scheme can
in general be realized only by sacrificing accuracy. Fortunately in the case of

building structures, the role of higher modes is usually not very significant.

The NDP is the most “accurate” analysis method available. Calculated
response can be highly sensitive to characteristics of particular ground motions and
the nonlinear stiffness behavior of the elements, therefore, representative or
generalized ground motions need to be used and the NDP should be applied with
caution and after comprehensive knowledge of the structure and its behavioral

characteristics are obtained.

It should be noted that uncertainties are involved in the seismic input, and in
the strength and deformation capacities of elements and structures. Therefore,
uncertainties in the results will be must be recognized regardless of the evaluation
procedures. While equivalent elastic procedures may be preferred by practitioners for
the design of most new structural systems, inelastic analysis procedures will be

essential for implementation of performance-based design. Such analytical capability
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will be important for the evaluation of structural behavior at low performance levels
(damage likely) where significant inelastic deformations are expected*®and for high
performance levels where accurate determination of even small deformations will be

needed to determine compliance.
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CHAPTER 3
SEISMICITY AND COMMON STRUCTURAL PRACTICE IN THE
MIDDLE EAST

3.1 General
Evidence of earthquakes in the eastern basin of the Mediterranean Sea has
been reported since 2000 BC. Earthquakes of moderate to high intensities have and
continue to occur in the Middle East. The structural systems commonly used in
Lebanon, Greece, Turkey and elsewhere in this region are constructed using lateral-
force resisting elements that have limited or no ductility and insufficient strength.
These structures are vulnerable even to moderate intensity ground motions. In
addition to the low strength of the lateral-force resisting systems, vertical and
horizontal geometric and strength irregularities are frequently encountered in the
construction practice in the Middle East.
In this chapter, a brief description of the seismicity of the area is presented.
Common structural systems and deficiencies in the systems are discussed, and a

building for case study is described.

3.2 Historic Events
Based on historical accounts, earthquakes have been occurring in the eastern
Mediterranean region for the past four millennia. In Lebanon, three of the powerful

earthquake events in recorded seismic history are those of 551 A.D., 1202 A.D., and
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1759 A.D. From historical accounts, the estimated magnitudes were in excess of 7
and lead to major destruction in the coastal cities of Lebanon. In Turkey, the region
of Celainai, which is known today as Dinar, was destroyed in the 8" century B.C.
The town of Apameia was devastated by a strong earthquake in 84B.C., and 225-235
A.D. In the 20™ century, major earthquakes occurred in the region, the 1925 and
1995 earthquake in Dinar, the 1956 earthquake in Lebanon, the 1998 earthquake in

Ceyhan and finally the August 17", 1999 earthquake in Izmit, Turkey.

3.3 Tectonics and Seismicity of the Area

The Dead Sea fault system, also known as the Levant fracture system, is a
major tectonic feature that accounts for the bulk of seismic activities in the Eastern
Mediterranean. It forms a plate boundary that links the Arabian plate convergence in
south Turkey with active seafloor spreading in the Red Sea. The Arabian plate
moves northward and collides with the Eurasian plate in northeast Iraq. The southern
segment of the Dead Sea fault system, which extends from the gulf of Aquaba to the
Sea of Galilee and the south of Lebanon, strikes in a more or less N-S direction.
When entering Lebanon through the Galilee heights, it changes into a more complex
system of strike-slip faults. See Figs. 3.1, 3.2 and 3.3. The Levant fracture system is
believed to be similar, to a great extent, to the San Andreas fault system.
Historically, it has given rise, at different segments along its length and in different

time intervals, to major destructive earthquakes of varying magnitudes. Although the
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quaternary displacements of these faults have not been carefully studied, the
destruction due to major historical earthquakes as described in the literature leads
one to believe that these faults can be a potential source of future strong
earthquakes”’ 52,

Other important active faults such as the Cyprus Arc, which extends from the
island of Cyprus to join the Taurus-Zagros thrust in southem Turkey, affect the
seismic activity in Lebanon. Earthquake events on the seabed between Cyprus and
Lebanon, sometimes close to the coast, are very frequent. These earthquakes may

affect almost all cities along the Lebanese coast.
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Figure 3.1 Map of the Eastern Mediterranean region®!
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Figure 3.2 The principle seismic belts (shaded) in the Mediterranean and Middle
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Figure 3.3 Simplified tectonics of the Eastern Mediterranean®!

Despite the exposure of the Eastern Mediterranean to seismic activities, most
of the building structures are designed for gravity loading only and continue to be
designed with little attention to lateral resistance against earthquake induced
displacements. Studies’*® have been conducted to determine earthquake hazard
levels in Lebanon and Turkey. For the purpose of seismic design of structures, it was
recommended™ that Lebanon be divided into two seismic zones with minimum
design peak ground acceleration on rock equal to 0.15g and 0.2g (g being the

gravitational acceleration). Since Lebanon is a small country, design ground
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acceleration equal to 0.2g across the entire territory may be preferable®®. A value of
0.2g corresponds to moderate seismic zone 2B of the Uniform Building Code 1994.
3.4 Building Structural System

Flexible reinforced concrete structures have been used often in areas of low
to moderate seismicity, and in the Mediterranean Basin, they are the predominant
structural system. The lateral load resisting system consists of slab-column frames

with concealed beams and ribbed slabs.

34.1 Columns

The columns are designed to support gravity loads. They are wall-like
elements with large depth to width ratios (2-5). The aspect ratio is selected for
architectural reasons. Typically, the width of a column will be in the range of 20 to
40 centimeters (8 to 16 inches), the same as adjoining partition walls. The structural
behavior of these columns is similar to flexible walls with uniformly spaced
reinforcement on both faces and both directions and no boundary elements. They are
very stiff in one direction and very flexible in the other. Figure 3.4 shows typical

dimension ratios for a column section.

C1
< —>

c2
I %e[z;sl and 20cm < C, < 40cm

2

Figure 3.4 Typical column cross section
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34.2 Slab-Beams

The majority of slabs are one way joist system with beams concealed within
the thickness of the slab and hollow core concrete blocks (“Hourdis”) between joists
Typical slab thickness is 20 to 40 cm. The beams are wide and sallow. The width of
the beams may vary between 2.5 and S times the slab thickness depending on the
span length and applied loads. The beams are designed only for gravity loads. Figure
3.5 shows a schematic slab cross section showing a triangular joist cross section and
a hollow core concrete block topped with a three inch layer of concrete reinforced
for shrinkage only. Figure 3.6 shows an unfinished ceiling with a wall/column.
Figure 3.7 shows the formwork with the steel for the beam and the hollow core

concrete blocks prior to placing the joists and pouring the concrete.

Figure 3.5 A schematic slab cross section
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Figure 3.6 Unfinished ceiling and wall-like column



Figure 3.7 A slab under construction

3.4.3 Construction Material
Most buildings in the Middle East are constructed using cast in place

concrete. The concrete strength varies between 1.7 Ksi and 3 Ksi. The low range of
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concrete strength is due mainly to the consistence on high water-cement ratios for
ease of placement and workability. The use of ready-mixed concrete has increased
since late eighties, however, concrete strength is still in a low range from 2.5 to 3.5
Ksi.

Most of the reinforcing steel used since the early eighties is Grade 60
deformed steel bars if bar diameter is larger than 8mm and Grade 60 plain steel bars
for diameters smalier or equal to 8 mm. The steel is imported primarily from Eastern

Europe and has low ductility.

3.5 Vulnerability of the Structural System to Earthquake Induced Loads

The damage to buildings caused during earthquakes in Turkey, Jordan,
Greece and Lebanon shows that the structural system used in these areas is
vulnerable to seismic loads, especially since most of the buildings designed with the
slab-column structural system were intended to support gravity loads only. The
flexible structures undergo large deformations when subjected to lateral loads. Given
the aspect ratio and the small amount of reinforcement for columns and beams,
deformation capacities are low and result in low global ductility of buildings. Hence,
their ability to absorb and dissipate energy through plastic deformation is reduced.
Many deficiencies in geometry, strength and materials raise concemn about the

performance of such structures in a seismic event.

62



3.5.1 Soil-Structure Interaction

In most areas in Lebanon, the bedrock is believed to be shallow. Therefore,
the ground acceleration amplification due to loose soil deposits may not be
significant and can be ignored in most cases. However, Beirut and the south coast of
Lebanon, offer a great diversity of soil types, particularly loose sand alluvium with a
relatively shallow water table. Thus in areas of loose sands and high water level,
there is a potcntial threat of soil liquefaction in the event of moderate to strong

ground motion.

3.5.2 Insufficient Stiffness, Strength and/or Deformation Capacity

As stated above, most building structures are designed for gravity loads.
Hence, they have low lateral resistance. In Lebanon, shear walls are mostly used in
tall buildings (above 12 stories) for wind resistance. In many tall buildings, shear
walls are oriented in only one direction (predominant wind) while the perpendicular
direction can be very flexible. Elevator shafts and staircases are frequently
constructed with reinforced concrete walls designed mainly for gravity loads.
Because of their high stiffness, they attract most of the lateral forces. If their strength
capacity is not enough, they may fail and cause partial or total collapse of the
structure.

Because of the large aspect ratios of beams and columns, framing action is

not well understood. Beams are estimated to be stronger than columns in one
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direction and weaker in the other. Shallow beams may have low ductility and may

fail in flexure (local failure) at low global deformation of the structure.

3.5.3 Building Irregularities

Irregularities include vertical and horizontal mass distribution and varying
strengths of resisting elements. [n many structures, walls can be found on one side of
the building. As a result, there is a concentration of stiffness on one side which
causes large eccentricity between the center of rigidity and the center of mass and
creates potential torsional problems in the structure.

Most water reservoirs can be found on the roof of buildings in the Middle
East. The reason is to use gravity to provide water pressure for the building.
However, a concentration of mass on the roof induces a large inertial force on the
roof increasing overturning moments at the base of the structure. Such reservoirs
may also increase torsional problems.

Partition walls can be placed at different locations from one story to another
and may not be included in the structural design of the lateral force resisting system.
Partition walls often are only considered as additional dead loads on the supporting
slab. In most cases, partition walls are unreinforced infill walls constructed with
concrete biocks. Under low lateral deformations, the infill walls are not damaged and
will function in a manner similar to reinforced concrete shear walls. While the

weight of partition walls increases inertial forces, the lateral drift of the building may
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be decreased and structural damage reduced. The added strength and stiffness of the
infills may also induce torsion and alter the behavior of the total structure. In the
Eastern Mediterranean, infill walls generally are not used on the first floor. The
resulting soft first story may suffer large deformations that could cause total collapse
of the structure (Turkey and Taiwan 1999 earthquakes). If the structure is subjected
to lateral forces normal to the plane of the partition walls, these walls may fail and
cause life hazards since they are unreinforced. Figures 3.8 and 3.9 show buildings
with no infill walls on the first story to provide openings and space for commercial
use.

In many structures, walls or columns may be interrupted between stories (to
satisfy space requirements of the occupants) leading to serious vertical irregularities.
Column orientation may be altered, for architectural reasons, between stories or even

at the same floor, as shown in Fig. 3.9.






Figure 3.9 Columns with different orientations

3.5.4 Poor Detailing and Quality Control
Commonly encountered detailing shortcomings include inadequate
confinement for columns. Column ties are not anchored in the core. Typical

construction practice is to use 90° hoops. Column ties are spaced at large distances,
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thus the unsupported length of longitudinal bars is excessive, eventually leading to
local buckling of longitudinal reinforcing bars and also creating elements that must
rely solely on the concrete for shear strength. Cross ties are not provided on every
other longitudinal bar as recommended in the ACI 318-95 code. Given the low
amount of transverse reinforcement provided in columns, the poor concrete quality
and strength, and the thin concrete cover, spalling of concrete cover is observed at
low deformation levels. Figure 3.10 shows failure in a column with large tie spacing

and the concrete cover.
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Figure 3.10 Column failure due to poor detailing and irregular in-plan layout

Another detailing problem is splicing of reinforcement in probable plastic
hinge location, and the use of short splice lengths. Little care is given to
reinforcement anchorage especially at the exterior beam column joints. No transverse
reinforcement is used in beam-column joints making the joint vulnerable to shear
failure.

Torsion at joints is a potential problem, especially at eccentric beam column

joints as shown in Fig. 3.11
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Little attention is given to material quality and control. The steel ductility and
concrete strength may be very low. Concrete and steel properties are seldom verified

through quality control and verification testing.

Figure 3.11 Eccentric beam-column connection

An evaluation of the performance of flexible concrete slab-column structure
under seismic forces is needed for rehabilitation of existing systems or for the design

of new structures.

3.6 Case Study
A theoretical eight-story reinforced concrete building® typical of Lebanese
construction practice was selected for a study to evaluate the performance of the

system under different combinations of input parameters.
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3.6.1 General Building Description

The eight-story structure is about 25 meters by [3.5 meters in plan
dimensions. It has five bays in the long direction and three bays in the short
direction. The total story height is 3.2 meters. The location of infill walls may vary
on each floor. For this study, they will be considered only around the perimeter. The
building is supposed to have a fixed base (rigid foundation on bedrock). Figure 3.12

shows the layout of a typical floor.

Interior Column /' Interior Beam 13.5m

Figure 3.12 Floor layout
The floor system consists of one-way “Hourdis” ribbed slabs supported on
concealed wide beams spanning between columns as shown in Fig. 3.12. The
thickness of the slab is 24 centimeters (8.16 inches). Construction material properties

are appropriate to the local design and construction practice, hence the concrete
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strength £ = 176 Kg/em? (2.5 Ksi), the reinforcing steel strength f, = 4200 Kg/cm®

(60 Ksi).

The building is designed to carry typical residential live loads (200 Kg/m® =
40 Ibs/ft?) and dead loads (760 Kg/m? = 151 Ibs/ft?). The dead load includes the self-
weight of the slab (410 Kg/m? = 81 Ibs/ft), self-weight of tiling and ceiling
plastering (150 Kg/m’ = 30 Ibs/ft?), and the weight of partition walls and plaster (200

Kg/m® = 40 Ibs/ft?).

3.6.2 Dimensions and Detailing of Structural Components

The widths of the concealed beams (24 centimeters deep) are 75 centimeters
for the edge beams and 120 centimeters for the interior beams. Figure 3.12 shows the
layout of the beams. The joists span perpendicular to the main grids. The
longitudinal reinforcement in beams and slab ribs is shown in Figs. 3.13 to 3.15. The
shear reinforcement in beams and joists consists of 6 mm plain bars spaced at 20

centimeters.

72



Notation: X ® Y: Number of bars is X. Diameter of a bar is Y mm.

Splicing of

longitudinal bars
| J/ch )

'r——¥’

514

Figure 3.13 Longitudinal reinforcement in exterior beams™

Figure 3.14 Longitudinal reinforcement in interior beams™
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Figure 3.15 Longitudinal reinforcement in joists™
The dimensions of columns and reinforcement are given in Table 3.1.
Column reinforcement is spliced just above the floor level. Ties are 8 millimeters

(0.32 inches) in diameter and spaced at 20 centimeters (8 inches).
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Column Story Dimensions | Longitudinal | Transverse
(centimeters) | reinforcement | reinforcement
Comer lto4 20x70 8T20 4 T8 @ 20
5t08 20 x 60 cm
Edge lto4 20x 80 8T22 4 T8 @ 2
S5t08 20x 70 cm
Interior lto4 30x 100 12T 22 6T8 @ 25
5t8 25x170 cm

Table 3.1 Columns dimensions and reinforcement>

Notation: X T Y: Number of bars is X. A bar diameter is Y millimeters. (T is

twisted)

The walls constituting the elevator shafts and the stair wall are 20 centimeters

(8 inches) thick. Walls dimensions and reinforcement are shown if Table 3.2.
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Wall Length (meters) | Thickness (cm) | Vertical Horizontal
reinforcement | reinforcement
w1 2.6 20 TI2@40cm [TI2@45cm
w2 1.8 20 TI12@40cm |T12@45cm
w3 1.8 20 TI12@40cm |T12@45cm
w4 1.8 20 TI12@40cm |T12@45cm

Table 3.2 Walls dimensions and reinforcement
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CHAPTER 4
ANALYTICAL TOOLS AND MODELS

4.1 General

Many models have been proposed to represent the inelastic behavior of
structural members or systems. These models can be classified in three major groups
depending on their level of complexity.

A general model is based on material response. For reinforced concrete
structures, the structure is divided into finite elements, with different elements for the
concrete and the steel bars. Special element models are used to represent the bond
between these different elements. Given a set of constitutive equations for material
response, any kind of structure, regardless of its complexity, can be modeled by
finite elements. The definition of the constitutive equations is crucial. This approach
requires large computer memory. Thus, it is often applied to the analysis of a single
element structure or portion of a system.

The second model is referred to as a fiber model. Each element of the
structure is divided into segments. For each segment, the cross section is discretized
into a number of “fibers”!”. The stiffness of segments is obtained by numerically
integrating the stiffness of the cross-section of elements in which fibers may be in
the elastic, inelastic, or strain-hardening range. This technique is also called spread

plasticity and is computationally intensive.



The third model is referred to as member type model. For moment resisting
frame structures, each member of the frame is considered as an element where
inelastic behavior is, in general, concentrated at the two ends of structural element
(beam or column). Thus, inelastic behavior is assumed to occur at member ends only
(lumped plasticity). Between the ends, elements are assumed to behave elastically.
Although the descretization of the structural members is not refined, the results of
using these models for the behavior of members with uniaxial bending and constant
axial load generally are satisfactory because experience has been gained through

141819 For dynamic analyses of structures

calibration using experimental results
under earthquake excitations, member-type models are most commonly used.
However, these models are very sensitive to the definition of properties in the
inelastic areas.

In this chapter, three nonlinear programs are presented and analytical models

used for the structural members are introduced.

4.2 Nonlinear Programs

Over the past 25 years, a number of nonlinear time history analysis programs
have been developed at various research institutions. Kanaan and Powell® developed
one of the most commonly used programs, DRAIN-2D in the 1970’s at the
University of California at Berkeley. Another program for reinforced concrete

structure analysis, IDARC, was developed in the 1980’s at the State University of
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New York at Buffalo by Park, Reinhorn and Kunnath®. Numerous modifications
have been made to both programs since their initial release. Most recently, more
general-purpose analysis programs, such as SAP2000 have added non-linear time
history analysis to their features. In this study, only DRAIN-2D and SAP2000 will
be used for analysis because they offer the possibility of modeling a brittle shear
failure of a member. RCCOLA is a computer code, that was originally developed by
Mahin at the University of Califomia at Berkeley in 1977 and modified in 1983 at
the University of Texas at Austin'®, for the analyses of reinforced concrete cross

sections.

4.2.1 RCCOLA

The input file for RCCOLA includes the stress strain characteristics for both
concrete and steel. Also the cross section geometry needs to be defined in the input
file. RCCOLA analyzes the section by dividing it into a large number of fibers where
the stress is constant over each fiber. Fibers can be in the elastic range, plastic range
or strain hardening, depending on the value of strain at the considered fiber. Hence, it
can analyze the cross section of a complex shape. The output file generated by
RCCOLA can include the moment-curvature relationship of a cross section.
RCCOLA can be used to calculate the moment capacity, the shear capacity, yield
ductility and curvatures at a series of given axial loads, for different specified

extreme compressive strains of concrete.
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4.2.2 DRAIN-2D

The DRAIN-2D program consists of a main program and several element
subroutines. The main program involves processing of structural data (member
properties, load conditions), assembly of the stiffness matrix of the structure, and the
solution algorithm of the simultaneous equations. The element subroutines are
intended to model the behavior of different types of structural members (reinforced
concrete or steel elements). Analysis of the structures considered in this study was
carried out using a modified version of DRAIN-2D. A modification of the original
version to include a model for brittle shear failure of a beam-column element was
made at the University of Texas at Austin by Pincheira and Jirsa'’.

To analyze a structure using DRAIN-2D, the structure is idealized as a planar
assemblage of discrete elements connected at every floor level with a rigid
diaphragm. Therefore, torsional response is neglected. Analysis is carried out by the
direct stiffness method, with nodal displacements as unknowns. Each node
possesses up to three displacement degrees of freedom. The earthquake excitation is
defined by time histories of ground acceleration. Static loads may be applied prior to
the dynamic loading, but no yielding is permitted under static loads. The effects of
gravity loads and initial prestressing on the elements are considered as initial
member end actions. Any end forces due to dynamic loading are simply added to

these initial forces.
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The dynamic response is determined by step-by-step integration. A constant
acceleration is assumed within any step. The tangent stiffness of the structure is used
for each step, and linear structural behavior is assumed during the step. If an element
yields or unloads, information will be returned from the element subroutine.
Changes are then made to the tangent stiffness matrix and the triangularization
operation of Gauss elimination is repeated. Applying corrective loads in the
subsequent time step will eliminate any unbalanced loads resulting from errors in the
assumed linear behavior within the step. Second order effects can be taken into
account by including geometric stiffness in the element stiffness matrix.

The structure mass is assumed to be lumped at nodes so that the mass matrix
is diagonal. Axial deformations and shear deformations of structural elements are
included in the analysis. Beam-column joint regions are assumed infinitely rigid. All

support nodes are assumed to move in phase.

4.2.2.1 Dynamic Equilibrium and Integration Solution
For a multi-degree-of-freedom system, the dynamic equilibrium at any time t,
and for any time step At, can be expressed by:
[m}iar}+(c; Kart+ [k, far}={arF} @.1)
in which, [M] is the mass matrix, and [Cy] , [Kt] are the tangent values of the
damping and stiffness matrices for the structure at the beginning of the time step.

The vectors {Ar}, {A7} and {Ar} are the increments of acceleration, velocity and
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displacement, respectively, at nodes; {AF} is the increment in applied loading. In the

case of an earthquake, {AF}= - [M] {A# }, in which {AF, }is the increment of ground

acceleration.

Using an approximation that within the time step acceleration remains
constant, the dynamic equilibrium Equation (4.1) is solved. The constant
acceleration method has the advantage of being stable for all periods and time steps.
However, the accuracy of the results depends largely on the integration time step
used. The smaller the time step, the more accurate are the expected results. On the
other hand, it is important to select as long a time step as possible in order to
minimize the computational effort. Previous research has shown that a time step of
0.005 second will generally yield enough accuracy>'*?, therefore an integration

time step of 0.005 is used for the subsequent dynamic analyses.

4.2.2.2 Static Incremental Loading

The modified version of DRAIN-2D at the University of Texas allows the
user to compute the inelastic response of a structure under static loads. To obtain
inelastic behavior under static lateral loading, the program uses the same subroutines
used for computing the dynamic behavior, but eliminates the acceleration and
velocity terms from the dynamic equilibrium equation (4.1). The dynamic equations

are reduced to those corresponding to static equilibrium in which the multiplication
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of the mass matrix and the increment of the ground acceleration vector represent
incremental static lateral forces. Hence, only force controlled loading is permitted.
4.2.2.3 Viscous Damping

Damping of the structure is considered through the damping matrix [Cr].
DRAIN-2D assumes that viscous damping is a linear combination of the mass and
tangent stiffness matrices (Rayleigh damping) as expressed in equation (4.2):

[Cr] = 0. [M] + B [Kr] 4.2)

where o and B are the mass and stiffness damping coefficients, respectively. If the
system is assumed to be uncoupled into normal modes, these coefficients can be

specified at two different modes of vibration i and j, through the following

relationships:
AMT.E -T.E
az_a(T_IF.J_z_T;é'—) (4.3)
7T,
g=TTiT6 ~Tid)) 4.4)
nT; -T7)

in which T, T j are the respective periods of the two modes of vibration selected, and
&, §; are the respective damping ratios for these two modes. Typically, the first two
modes of vibration are selected, because they dominate the dynamic behavior of
building structures. Since the stiffness of the structure varies as members start
yielding, the tangent stiffness matrix and the viscous damping matrix will vary as the

structure moves into the inelastic range.
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Figure 4.1 shows the relationship between the damping ratio and period of

vibration that is obtained using Equations (4.3) and (4.4).

Damping Ratio vs. Period
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Figure 4.1 Relationship between damping ratio and period for Rayleigh damping.
If the damping ratios for the first two modes are chosen to be equal, §,=&; =
g, Fig. 4.1 shows that the damping ratio for higher modes will be larger than &.

Responses of high frequency modes are effectively eliminated by the higher damping

ratios®’.



4.2.2.4 Beam Column Element

A beam-column element with degrading stiffness was formulated to model
reinforced concrete frame elements.

In DRAIN-2D, the one-component model proposed by Giberson? was
adopted to represent reinforced concrete frame memgers (beams and columns) as
shown in Fig. 4.2. The element was assumed to co;lsist of a linear elastic beam
element with non-linear rotational springs at each end. Yielding is assumed to be
concentrated in plastic hinge regions at the element ends. All plastic deformations,
including the effects of stiffness degradation, were introduced by means of the
moment-rotation relationships for the inelastic springs, while the central element

deforms elastically.

Inelastic rotational springs
:if/ < 080

Elastic beam

Figure 4.2 Element Idealization - One Component Model
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4.2.2.5 Hysteretic Behavior

To model the inelastic behavior of reinforced concrete members under
reversed cyclic loading, an extended version of Takeda’s model? was adopted, as
illustrated in Fig. 4.3.

While the original Takeda’s model is based on a bilinear relationship in
which the initial stiffness and strain hardening ratio are determined from monotonic
loading conditions for flexural deformations only, the modified version included two
major changes as shown in Figs. 4.4 and 4.5.

(1) A reduction of the unloading stiffness as a function of the largest previous spring
rotation.
(2) An increase in the reloading stiffness that depends on previous spring rotations.

Moment

" Rotation

Numbers indicate yield codes

Figure 4.3 Inelastic Spring Moment-Rotation Relationship Extended from Takeda’s
Model
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Figure 4.4 Unloading Stiffness for Extended Takeda’s Model

Extended Takeda’s model
Original Takeda’s model

Rotation (0)

Figure 4.5 Reloading Stiffness for Extended Takeda’s Model
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4.2.3 SAP2000 NL-PUSH

SAP2000 represents the state-of-the-art in three-dimensional finite element
technology for structural engineering®. SAP2000 provides powerful capabilities for
modeling a wide range of structures, including bridges, dams, tanks and buildings.
Element types range from Frame/Truss to Shell/Plate to Solid to Nonlinear Link

elements.

4.2.3.1 Dynamic Analyses and Integration Procedure

Dynamic loading can be in the form of multiple base response spectrums, or
multiple time varying loads and base excitations. The programs support Eigen and
Ritz analysis, as well as modal combinations by the square root of the sum of the
squares, SRSS, the complete quadratic combination, CQC, or the general CQC3
method, GMC. In the case of response spectrums, modal superposition is used in
solving the dynamic equilibrium. For time varying loads and base excitations, the

same equilibrium equation (4.2) solved in DRAIN-2D is solved using constant

acceleration with f=1/2.

4.2.3.2 Nonlinear Pushover Options
Static loading options allow for nodal loading with specified forces or

displacements. New computational techniques have been integrated into SAP2000



Nonlinear Version 7 to allow a static pushover analysis to be performed in a simple
and practical manner. Nonlinear hinges may be defined anywhere in the frame, and
properties may be user defined or calculated automatically by the program as shown

in Figs. 4.6 and 4.7. Analyses may be force or displacement controlled.

A
C
B
1l A
D B
eq EEE——
A ——

Displacement

IO = Immediate Occupancy

LS = Life Safety

CP = Collapse Prevention

Figure 4.6 Component modeling and acceptability (FEMA 273)
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Figure 4.7 Hinge properties for Pushover Analysis (SAP2000).

Nonlinear pushover analysis based on ATC-40 and FEMA-273 is fully
integrated into the SAP2000 NL-PUSH. Nonlinear Pushover Analysis resuits can be

used with the integrated steel and concrete design postprocessor options. Default and

90



user defined Moment, Shear, Axial and PMM (biaxial moment axial-load interaction
diagram) hinges at any location along a frame member. A highly interactive capacity
spectrum curve display form allows study of the effects of parameter changes

instantaneously.

4.2.3.3 Viscous Damping

Although the developer of SAP2000, E. Wilson, disagrees with the use of
Rayleigh damping, it is used by SAP2000 in order to obtain results for numerically
sensitive structural systems. Wilson argues that the assumption of proportional
damping implies the existence of external supported dampers that are physically
impossible for a base supported structure. The use of stiffness proportional damping
has the effect of increasing the damping in higher modes of the structure for which
there is no physical justification and can result in significant errors in some cases™.
On the other hand, mass proportional damping cannot be justified because it causes

external forces to be applied to the structure that reduce the base shear for seismic

loading?.

4.2.3.4 Nonlinear Link
The nonlinear link (NL-Link) element is an exponentially plastic element
(Fig. 4.8). For a large selected value of the exponential, the element could be

considered bilnearly plastic. It may be used to model local structural nonlinearities

91



for dynamic analysis involving base isolators, dampers, and hook and gap elements.
Each NL-Link element may be either one-joint grounded spring specified at one end
of a member or a two-joint link connecting two different nodes of the structure. Each
element is assumed to be composed of six separate “springs”, one for each degree of
six deformational degrees of freedom (axial, shear, torsion, and pure bending).
Figure 4.9 shows the hysteretic behavior of plasticl NL-Link in two orthogonal

directions used for 3D nonlinear time history analyses.

A

e

Figure 4.8 Uniaxial hysteretic behavior of plastic-1 NL-Link(SAP2000).
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Figure 4.9 Hysteretic behavior of the biaxial plastic-1 NL-Link(SAP2000).

4.3 Analytical Model

The lumped plasticity model used to analyze the inelastic behavior of the
reinforced concrete members of buildings selected for this study, is described in this
section. Material properties as well as hysteretic behavior of such members are
presented. Also, assumptions used in assigning member stiffness properties are

discussed.
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4.3.1 DRAIN-2D

Since the structures analyzed in this study are mainly frame structures, the
element subroutine 11 developed by Pincheira and Jirsa' for reinforced concrete
beams and columns was used to model members in buildings. The degrading
stiffness element has two additional deformation modes, namely additional rotational
deformations associated with each of the two rotational springs, as shown in Fig. 4.2.
For each element, deformations consist of inelastic hinge rotations of springs and
deformations of elastic beams connecting the springs. However the additional
degrees of freedom due to spring rotations are condensed out in the element stiffness
matrix formulation, so they do not appear as structural degrees of freedom®. Yield
moments specified at the ends of elements consider no interaction between axial

force and bending moment in producing yield".

4.3.1.1 Modeling Strength Degradation of Reinforced Concrete Members

To represent failure of reinforced concrete members due to the short
embedment lengths in beams or short lap splices in columns, modifications to the
original Takeda’s model were introduced to reproduce the variations in stiffness with
load reversals. Typically, these modes of failure are characterized by a sudden loss of
the flexural strength of the section after reaching peak moment capacity. Figure 4.10
shows the main features of the moment-rotation envelope for the Takeda model

modified by Pincheira'’.



M A

Mp

Mocr or My

Ocr or OBy Op Or 0

Figure 4.10 Moment-rotation envelope for beam-element-11
Where,
Mp = peak moment
Mcr or My = moment at cracking or at yield
Mr = the residual moment
Op = is the rotation at peak moment
cr or Oy = the rotation at cracking or at yield
Or = is the rotation at residual moment
The negative slope after Or is reached is to prevent moment reversal beyond this

point".
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4.3.1.2 Modeling of Shear Failure in Reinforced Concrete Members

The same model used in the previous section can be used to represent shear
failure modes of reinforced concrete members®. In such a model, shear failure is
introduced by activating the descending branch of the moment-rotation relationship
at both ends of the member when the specified shear capacity is reached. However,
to specify a shear capacity for a section, it is assumed that the member is subjected to
equal and opposite end moments. Another disadvantage of this method is the
instability that may be introduced when several members reach shear capacity and
negative tangent stiffness at the same time. To eliminate the problem of instability
introduced by the negative stiffness, Pincheira and Jirsa'® suggested a brittle shear
model as shown in Fig. 4.11.

Shear force A

Vmax.

Drift, A

Figure 4.11 Hysteretic behavior of the simplified shear model'>.



Figure 4.11 shows typical hysteretic behavior of the simplified shear model
suggested by Pincheira. The member exhibits linear shear behavior until the shear
capacity is reached. It then loses its lateral strength but maintains its axial
compression strength. With this model, the behavior of the element after shear
failure is essentially that of a truss element. However, previous research have shown
that columns with axial loads of 20% of the ultimate compression capacity were able
to sustain lateral drifts of at least twice that at peak shear capacity with no sign of
axial failure®,

To account for the ability of the member to maintain a certain fraction of its
stiffness and strength after shear failure is reached, Li and Jirsa suggested the parallel

I'. As shown in Fig. 4.12, every column element is divided into two

element mode
sub-elements, column 1 and column 2. After the shear capacity of the original
column element is exceeded, column 2 loses its lateral load resisting capacity by
changing to a truss member. The shear capacity of column 1 can be set to a very
large value so that it does not fail in shear. The shear capacity of columnl becomes
the residual shear capacity after the original column element fails in shear. The
hysteretic behavior of the column with shear failure is demonstrated schematically in
Fig. 4.13. After the shear failure occurs, a sudden loss of shear capacity from the
peak capacity Vp to a residual capacity Vi is assumed.

Previous research® has shown that shear failure modes can be categorized as

Shear compression failure, shear bond failure and shear flexure failure. Shear
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compression failure occurs under moderate axial load and a large shear
reinforcement ratio in the columns. Shear-compression failure is characterized by
small drift capacity and a large loss of strength after peak shear is reached. Shear
bond failure occurs when large longitudinal reinforcement ratio, large bar sizes and
low concrete strength are used. A gradual loss of strength and the capacity of the
member to sustain large drift after peak shear characterize this mode of failure. Shear
flexure failure occurs when the longitudinal reinforcement ratio and axial load are
low. Members failing in this mode can withstand large deformation with moderate
strength degradation. By using different values for the residual shear capacity in the
simplified parallel-element model, it is possible to model different shear failure
modes as described above.

In this study, residual shear capacity was assumed to remain constant after
shear failure has occurred. The column was assumed to be able to sustain very large
lateral deformations. The shear capacity Vmx Was computed using ACI 318-95
Code® equation (11-4) for members subject to axial compression.

N .
V. =201+ =————)/fb,d 4.5
e =2( 20001‘,) feb, (4.5)
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Figure 4.12 Parallel-Element Model for Shear Failure proposed by Li'*
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Figure 4.13 Model of hysteretic behavior of column failing in shear
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4.3.1.3 Modeling Parameters and Procedure
4.3.1.3.1 Material Properties

For concrete, the stress-strain relationship was assumed to follow the Park
and Kent model® as shown in Fig. 4.14. The stress-strain relationship for

reinforcing steel was idealized as presented in Fig. 4.15.

Stress
'y
|
Slope=Zf.
>
€ = 0.002 Strain
Z= 0.5
Equ + Esgy —0.002
. . 3+0.002f. .. .
in which, £, =————=  (fcinpsi
=000 ' P

3 |b
850h =Zp: ?

Ps is the ratio of transverse reinforcement over the volume of confined
concrete;
b is the width of confined core;
s is the transverse reinforcing steel spacing.

Figure 4.14 Stress-Strain Relationship for Concrete. DRAIN-2D
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Figure 4.15 Stress-Strain Relationship for Reinforcing Steel. DRAIN-2D

4.3.1.3.2 Element Stiffness

To determine the cross section properties of reinforced concrete members to
be used in DRAIN-2D, It was assumed that the material is homogeneous and the
members bend in double curvature with equal moment at both ends as shown in Fig.
4.16. That is equivalent to saying that during the entire loading, the bending
distribution of the member is such that the point of inflection remains fixed at mid-
span. This assumption allows the use of the same stiffness formulation for the

rotational springs.
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Figure 4.16 Equivalent Cantilever
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Within the equivalent cantilever, section properties, including material,

dimension, and reinforcement do not change.

Two options are available in DRAIN-2D for assigning element stiffness
properties’.

The first option is to specify an effective flexural stiffness (El).s for the
linear elastic element, that takes into account cracking. Also an axial stiffness (EA)
and a shear stiffness (GA) are specified based on gross section properties.

A very large initial elastic stiffness is assigned to the spring:(10'® kip-inches), so that

each hinge is practically rigid up to yield (Fig. 4.17).
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Figure 4.17 Assumed Spring Moment-Rotation Relationship

The moment-rotation relationships for the cross-section are obtained by direct
integration of the moment-curvature relationships. The moment-curvature
relationship for columns was computed using the program RCCOLA'®, considering
the columns subjected to an axial load equal to the gravity load carried by the
columns. In computing the moment-curvature relationships for beams, axial load was
neglected. The multi-line moment curvature diagram obtained from the RCCOLA
program was represented by a bi-linear relationship (Fig. 4.18). The yield point (My,
®y) and the ultimate point (M,, ®,) for the bi-linear relationship correspond to the
first yielding of the tension reinforcement and the ultimate capacity of the section

respectively, as computed by RCCOLA.
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Figure 4.18 Bi-Linear Fit for the Moment-Curvature Relationship
of Reinforced Concrete Cross Sections
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Figure 4.19 Moment and Curvature Diagrams for the Equivalent Cantilever
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In determining the ultimate rotation capacity for the spring, 0,, plastic hinges
were assumed to be concentrated along a distance d from the end of the member (d is
the effective depth of the cross section) as shown in Fig. 4.19. Therefore, using the
moment area theorem, the plastic hinge rotation 8, was calculated as follows (Fig.

4.20).

— 8U
6y =" 4.6)
d
8= (@y -~ Dy)(L-3) @7

After substituting (4.7) into (4.6):

@, —<by)d<L-§>

8y = - 4.8)

The second option is to determine the effective flexural stiffness of the
member (EI) directly from the bilinear fit moment-curvature relationship: First, the

equivalent cantilever was represented with an idealized cantilever as shown in Fig.
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4.21. The effective stiffness (EI), initial spring stiffness K, and spring strain
hardening ratio p were computed by setting the tip displacement 8, and tip rotation
o of the idealized cantilever equal to those of the equivalent cantilever as shown in
Fig. 4.21 when the fixed-end moment reaches yield. The following equations can be
used to obtain the effective stiffness, initial spring stiffness and spring hardening

ratio’:

ML
El=————— 4.9)

6)'
32a, -2

ML
Ko=—wr (4.10)
(0, -—)
3EI
(BL-M,)L
p= Y @.11)
@8,-5,- LML,

3EI

in which, 8, is any cantilever tip displacement when the fixed-end moment is strain
hardening; M, is the yield moment at the fixed-end of the cantilever.

Figure 4.22 shows the P-d relationship of the cantilever and the M-8 relationship of
the spring.
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Figure 4.21 Idealized Cantilever

By assuming the section moment-curvature relationship as shown in Fig.
4.23, tip displacement and tip rotation for the equivalent cantilever can be calculated

using Equations (4.12), (4.13) and (4.14).

1 , 1 M » M
0 == [ ——(—=) I} (—=) -] 4.12
=30, L 3G LG, -0,) @4.12)
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Values for Mcr, My, M,, and @4, ®,, ®,, were calculated using RCCOLA.
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Sy Sy 87 9, 8, 0
(a) Cantilever P-4 relationship (b) Spring M-0 relationship

Figure 4.22 Idealized Cantilever Behavior

109



4 M
M,
M, T (ED.
(EDy
1
M|
(EDer
4 > ®
¢“ (Dy ¢u
Figure 4.23 Section M-® Diagram

The analytical tools presented in this chapter, and the analytical models
discussed above were used to conduct a parametric study of reinforced concrete
structures. Modifications to the analytical models were introduced in chapter 7 and
used in the analyses. Suggestions on the use and enhancements of the nonlinear

analysis programs were made in Chapter 8.
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CHAPTER§
SENSITIVITY STUDY

5.1 General

In the absence of field data necessary to calibrate analytical models and tools,
a parametric study is essential to better understand the results of analysis and the
parameters that most effect those results. In this chapter, a sensitivity study involving
selected critical structural parameters is discussed using the results of nonlinear time

history analyses.

5.2 Assumptions and Parametric Variables

For the sensitivity study, only DRAIN-2D was used to perform the analyses.
Option | discussed in section 4.3.1.3.2 was used for assigning element stiffness.
Because of limitations in DRAIN-2D, only a planar representation of the structure
was analyzed. The beam element model available with DRAIN-2D and described in
Chapter 4 was used. Columns were modeled using the parallel element model
suggested by Li and Jirsa'!, with the boundary conditions modified as discussed in
Chapter 7. Unreinforced masonry walls were modeled using the infill panel element
available with DRAIN-2D. The infill panel element is intended to permit
contribution of the infill masonry panels to the lateral stiffness of the structure. The

infill element is assumed to act in shear only. Figure 5.1 shows the load deformation
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characteristics for the infill panel element.

Shear 4

Stress .
Failure

Shear Strain

Figure 5.1 Force-Deformation relationship for infill panel element.

Section properties for beams and columns were analyzed using RCCOLA as
described in Chapter 4.

The exterior frame in the long direction with no stair-wall (as shown in Fig.
3.12) was used in the analyses. Four elevation configurations were used to model the
building as shown in Fig. 5.1. A frame system with no infill is noted FR. A frame
building with infill panels from the second story to the roof with the strong axis of
the interior columns oriented along the frame direction is noted as a stiff soft story
(SSS). A frame building with infill panels from the second story to the roof with the
weak axis of the interior columns oriented along the frame direction is noted as a
flexible soft story (FSS). And a frame building with infill panels at all levels is noted
as AL

The parameters being investigated include damping ratio, material strength,
effective stiffness of structural elements, residual strength of failed elements and

variations in geometry of the structure and earthquake ground motions. In Table 5.1,
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a list of analyses with the associated parameters investigated is shown.

Al.* - FR."
SSS stiff soft story
FSS flexible soft story
FR frame
Al all infill
** mass of frame as% of total building mass

Figure 5.1 Building models
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AN | 92 [re(ks)ty(ks) | eb(Ecl) |Bo(Eclp)| #7 | #8  [NALLISTSTO.[NALL 2.8 STO.|End Ecc.| #12 | W13 | Tis)
1 386 | 25 | @ 1.1 1006 015 NO_ | _NO | NO ;4] 28)13W
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10 | 143 | 225 | 80 | 05 | 07 |005| 015 NO | NO | NO| 4| 2818
1 | 143 [ 226 | 80 | 0% | 07 006/ 05| NO | NO | NO |4 2p[2m3
12 | 143 [ 2% | 80| 05 | 07 (005 015 NO | NO | ves |4 236
13 | 143 | 225 80 | 05 | 07 006 015 NO | ves | ves | 4 | 2B | owa7
14 | 143 | 22| 80 | 05 | 07 005, 02 NO YES | YES | 4 ) 2B | 108}
15 | 14 | 25| & | 05 | 07 005 02 _YES YES VES | 4 | 28 | 1051 |
16 | 143 [22%| 80 | 05 | 07 ;006] 015 | NO CYES | YES | 4 | B | o9
17 143 225 | 80 05 07 005! 02 | YES YES YES 4 18 | 1.06)
18 143 225 | 80 05 0.7 _o.mM_ 015 _YES _YES | VES 4 | 28 | 09
19 , 14 | 25| 80 | 05 07 ,005) 015 | NO _ YES | YES | 4 | 28 Q9% |
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2 143 | 225 8 | 05 | 07 _,W\,Pow 02 NO YES VES | 4 | 2B | 10
2 ;14 | 25| 80| 05 | 07 10051 015 ~NO YES YES 4 | 2B 11345

Table 5.1 Test parameters




t'c(Ksi) | ty(Ksi) | Bb(Ecig) | Bic(Eclg) | #7

#8  INFLLIST STO.| INFLL 2-8 STO. | End Ecc. |

#2 = Steel Ductility = €,/€, (see Fig. 5.6)

#7 = Viscous Damping Ratio = §

#8 = Mass of Frame/ Total Building Mass

#12 = Aspect ratio of column = C,/C; (see Fig. 3.4)

#13 = Residual Strength = V,/V ., (see Fig. 4.13)
Table 5.1 (continued)

B

w2 #8  INFLLIST! #12 | #13 | Ti(s) |Weight(KN)
B | 1M 1225] 80| 05 | 07 [006] 03 | NO | YES | VES | 4 | 23 |054| 680
24 | 143 |26 | &0 | 05 | 07 [005) 03 . NO | VES | Ves | 4 | 28 |0774] &80
19 | 1 | — | =1 =1 — 1 I |sSAMECOLUMNDIMENSIONAT ALL LEVELS e
2 — | i | I — |SAME QOLUMN DIMENSION AT ALL LEVELS
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The building models were subjected to the horizontal ground motions
(0.223g peak acceleration) from the 1998 Ceyhan earthquake in Turkey (see Figs.
5.41, 5.43 and 5.44). The amplitude of ground motions was magnified by a factor of
two in order to produce failures that demonstrate effects of the parameters under

consideration.

5.2.1 Damping Coefficients
5.2.1.1 Conditions

The use of approximate “equivalent viscous damping ratio” has little
theoretical or experimental justification>. However, viscous damping ratios are still
used to approximate material damping, joint friction, and radiation damping.
Depending on the level of deformation and strain induced in the structure, viscous
damping ratio values varying from 2% to 10% have been recommended*®. High
viscous damping ratio values are intended to compensate for the inability of including
the hysteretic energy dissipation in elastic analyses*>*.

For structure FR, three different damping ratios were considered 2, 5 and
10%. The effective stiffnesses were based on gross concrete sections. Design material
strengths were used, 2.5 ksi for the concrete and 60 ksi for the reinforcing steel. The
column aspect ratio was 4. The effect of end eccentricities (rigid beam-column

connection) was neglected and the residual shear strength was assumed to be equal to

2/3 of the maximum strength, even though no shear failure in columns was observed.
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The weight of the frame was 2920 KN and the height of the building was 25.6 meters.

5.2.1.2 Results
Figures 5.2 and 5.3 show respectively the time history of roof displacement

and base shear for D02, DO5 and D10 (from Runs 102,1,and 10, Table 5.1).
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Figure 5.2 Time history of roof drift - different viscous damping ratios.

117



02
0151 -

015+ -

02 ' . l

Time (s)

Figure 5.3 Time history of base shear - different viscous damping ratios.

From Figs. 5.2 and 5.3, it can be seen that damping coefficients had no
influence on the structural period. As expected, the shape of roof displacement and
base shear did not change with the damping ratio since no shear or flexural failure
was recorded. Low damping resulted in slightly larger displacements and base shears.
Slightly more damage could be expected as damping is reduced. Previous studies'*'®

have concluded that a 5% damping could be used as an average value for viscous

damping for reinforced concrete structures.
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§.2.2 Strength of Materials
5.2.2.1 Conditions
Strength of concrete in structures may vary from design values®’. Concrete
gains strength as it ages, thus in most cases, actual concrete strength in a building is
higher than the design values. However, in case of poor quality control, particularly
in case of high water-cement ratio during construction for workability reasons,
concrete strength might be significantly lower than design values.

The actual steel yield strength is usually higher than the specified nominal
yield strength. If the reinforcing bar can undergo large deformations, steel strength
can reach values 50% higher than the yield strength due to strain hardening.
Reinforcing bars in beams can undergo large deformations when plastic hinges occur
in beams.

In addition, concrete and steel exhibit increases in strength when loaded at
increased strain rates. Higher rates of loading may increase the strength of concrete
obtained from standard cylinder tests by as much as 15-20%°*%%. The rate of
loading in a structure subjected to seismic action may differ between members
depending on their location in the structure. The rate of loading depends on the
period of the structure and the ground motion characteristics. Concrete exhibits an
increase in stiffness as well when loaded at high strain rates® since the modulus of
elasticity of concrete is a function of concrete strength.

Therefore, the use of 0.9, 1.0 and 1.25 times the specified concrete
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strength in evaluating the behavior of a structure can be justified. The amount of
strain hardening in steel during an earthquake is difficult to predict, but a value of
4/3 the nominal yield strength represents a realistic increase reflecting reinforcing

bar production and quality control procedures.

5.2.2.2 Results

The standard FR building was analyzed using three different combinations of
material strength. Concrete strength was assumed to be 1.0, 1.25 and 0.9 times the
nominal design value. Steel was taken as 1.0 and 1.33 times the nominal design
value. The following combinations were used considering nominal concrete strength
of 2500 psi and steel yield of 60 ksi. C2.5S60 is intended to represent structure FR
with the nominal design strengths of 2.5 ksi for concrete and 60 ksi for the
reinforcing steel bars (Run 1). C3.125S80 is intended to represent over-strength in
concrete and steel (Run 2) and C2.25S80 is intended to represent over-strength in
steel and strength deficiency in concrete (Run 3). Figures 5.4 and 5.5 show the time

history of roof and the time history of base shear.
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Figure 5.4 Time history of roof drift - different material strengths.
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Figure 5.5 Time history of base shear - for different material strengths.

The results shown in Figs. 5.4 and 5.5 demonstrate that strength of material
had little influence on the period of the structure or the peak roof displacement and
peak base shear. Although higher concrete strength was expected to result in shorter
periods, the difference is too slight to be observed. With higher material strengths,

plastic rotations in beams were smaller.

§.2.2.3 Steel Ductility
In defining the material properties in RCCOLA for the calculation of the
section characteristics, the stress strain relationship for the reinforcing steel was

described in section 4.3.1.3.1 and Fig.  5.6. Since some steel sources in the
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Middle East, and in Lebanon in particular, provide low ductility reinforcing bars,
the effect of the steel ductility on the general behavior was investigated. The
standard model was considered with two combinations of critical strains (€,; €m)
namely (0.008; 0.08) and (0.004; 0.04) (Runs 3 and 4) for the same Fy of 80 ksi (Fig.
5.6). The results showed no influence of the steel ductility on the period of the
structure, peak roof displacement or the peak base shear. Also the results showed no
significant failures or inelastic strains. Since both models exhibit the same moment
curvature relationship in the elastic range until yield is reached, and the structural
elements remained mostly in the elastic range under the ground motions used in the
analysis, difference in steel deformation range did not have an effect on response. A
peak ground motion of 0.445 g was used in the analysis. Higher values are unlikely
to occur in the Mediterranean region®. However, in case larger peak ground are
experienced, higher steel ductility should provide better performance by allowing

larger plastic deformations.
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Figure 5.6 Stress-Strain Relationship for Reinforcing Steel

§.2.3 Effective Stiffness
5.2.3.1 Conditions

The contribution of the slab to the beam stiffness was ignored because the
slab deck is very thin (about 2.5 inches) and lightly reinforced to resist only
temperature variations and shrinkage and the ribs (joists) were normal to the plane of
the frame. The slab contribution to the stiffness and strength of the building will be

discussed further in Chapter 7.
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An average stiffness of 2 member after it cracks generally is designated as
the effective stiffness of a member. Ideally, analysis should be carried out using the
stiffness of the gross section as an initial value and modified as the structure
undergoes cracking. However, in the absence of a reliable tool to handle degrading
stiffness “‘accurately”, approximate values are used to determine or represent the
effective stiffness of reinforced concrete members. An approximate value of the

effective stiffness of a concrete member, E.L, is given by equation 5.1.

3 3
M(" Mr'
I =( 0 ) I, +[1-[ i J }1(, .1)

where,

E_. is the modulus of elasticity of concrete

L. is the effective moment of inertia of the member

Iz is the moment of inertia of gross concrete section about centroidal axis,

neglecting reinforcement

I is the moment of inertia of cracked section transformed to concrete

M., is the cracking moment

M, is maximum moment in member

Altematively, the ACI code’ permits the use of 0.35El; as an effective

stiffness for beams and 0.7E.I; for columns. In FEMA 273, it is suggested that the
effective stiffness be taken as 0.5El; for beams and 0.7E.I; for columns. The effect

of effective stiffness was investigated  using three models noted 100/100 (I; for
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beams and columns), 35/70 (ACI), and 50/70 (FEMA) where the values represent

the percentage of I; for beams and columns respectively (Runs 4, 10 and 11).

5.2.3.2 Results

The effective stiffness was found to affect the response of the structure
significantly as shown in Figs. 5.7 and 5.8. The lower the effective stiffness the
longer the period of the structure. Peak roof displacements were higher using low
effective stiffnesses. Using the Ceyhan earthquake record, the peak base shear for the
stiffer model was lower than for the more flexible model. Li'* has found that the
same trend was obtained using other earthquake motions. In the present case, the
acceleration spectra for the fundamental periods in 35/70, 50/70 and 100/100 were
very similar (1100, 1045 and 990 mm/s’ respectively). However, for the second
mode, acceleration spectra for 35/70, 50/70 and 100/100 were 8920, 6540 and 5240
mm/s® respectively. Therefore, the higher base shear for the least stiff structure can

be attributed to second mode contributions.
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Figure 5.7 Time history of roof drift - different effective stiffness values.
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Figure 5.8 Time history of base shear -  different effective stiffness values.
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5.2.4 Frame Geometry
The geometric variations investigated include, geometric aspects (column

depth to width ratio), the effect of rigid connections and different elements layout.

5.2.4.1 Column Dimensions

In Lebanese practice, columns are designed for gravity loads only. Thus, the
total concrete area and amount of reinforcement is determined from gravity loads. In
order to obtain functional space, the widths of columns often are designed to merge
with partition walls. However, when such constraint is waived, the depth to width
ratio of a column cross section may vary between 1 and 5, but practically varies
between 2.5 and 5. For the comparisons discussed here, the area of a column section
was maintained constant while the width and depth were varied to produce mme
different aspect ratios (column depth to width) of 2, 3 and 4 (Runs 4, 8 and 9). The
column layout was the same for the three structures (FR Fig.5.1). For the same cross
sectional area, elements with larger aspect ratios are stiffer in their long directions
and much more flexible in the shorter direction than elements with smaller aspect
ratios. The column aspect ratio had little influence on the period of the structure
(Table 5.1) and on the roof displacements (as shown in Fig.5.9). Figure 5.10 shows
that the base shear for the smaller column aspect ratio is slightly lower than the base

shear for the larger aspect ratio. When the column ratio was large, the stiffness
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along the column depth direction is larger than for smaller aspect ratio. Since stiffer

columns attract more shear than flexible ones, the base shear for the stiffer structure

was larger than for the more flexible structure.
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Figure 5.9 Time history of roof drift - different column aspect ratios.
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Figure 5.10 Time history of base shear - different column aspect ratios.

5.2.4.2 Connection Rigidity (End Eccentricity)

Plastic hinges in frames and in coupled frame-shear wall structures are
expected to form near the faces of the connection rather than at the theoretical joint
centerline. This effect can be approximated by considering rigid connections
between the nodes and the element ends. The structure consequently is expected to
be stiffer because element lengths are reduced to the clear distance between

elements. The period of the structure  was larger when end eccentricities were
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ignored (Runs 10 and 12) (Table 5.1). Figure 5.11 shows peak roof displacement
was 25% larger when end eccentricities were not considered.
In Fig. 5.12, peak base shears were similar, but there were noticeable

differences at some points in the time history.
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Figure 5.11 Time history of roof drift - with and without end eccentricities.
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Figure 5.12 Time history of base - with and without end eccentricities.

5.2.4.3 Variation in Column Dimensions over Height of Structure

The response with column dimensions the same at all levels (UNIFORM)
was compared with that using smaller size columns from level 5 to the roof
(TAPERED) (Runs 13 and 19).

For economy, column dimensions may be reduced on upper floors in a
structure because gravity load is smaller and reinforcement ratio on lower floors may
be close to minimum code requirements. However, by reducing the size of columns
on upper floors, a weak story can be created. Two structures described as soft first
story structures with infill walls on the second floor to the roof were analyzed and

the results were compared in Figs. 5.13  through 5.16.
132



08

06 +—— o

TAPERED
04 {— —

02 f— ey

Roof Drift (%)
(=]
; -

0.2 4= -

0.8

Time (8)

Figure 5.13 Time history of roof drift — uniform and changing column size over
height of structure.

As shown in Fig. 5.13, the roof drift for both structures is almost identical.
When the shear in a column reached the shear capacity, the column capacity dropped
to the residual value and the column was considered as failed in shear. The columns
on the 5" story of the TAPERED structure failed in shear at 6 seconds. At 6.35
seconds, the columns at the 4™ story of the UNIFORM structure yielded at ground
level, leading to slightly higher drifts in the UNIFORM structure than in the
TAPERED. After shear failure of the 4 interior columns of the 5™ story in the

TAPERED structure (beyond 6.35 seconds), the peak base shears in the
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UNIFORM structure were slightly larger than for the softened TAPERED structure

(Fig 5.14).
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Figure 5.14 Time history of base shear — uniform and changing column size over

height of structure.
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Figure 5.16 Maximum interstory drift — change in column size over height of
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The infill panels reach failure (cease carrying lateral forces) when an
interstory drift of 0.4% is reached (FEMA 273). From Fig. 5.16, it can be seen that
infill panels failed on the 4™ and 5™ story for the TAPERED structure and on the 4",
5™ and 6™ story for the UNIFORM structure, thereby softening those stories. The
fact that interstory drifts reach higher values on middle stories rather than at the
bottom is an indication of higher mode effects. The high interstory drift on the first
floor is expected from the soft story effect. The shear failure of columns on the 5"
story in the TAPERED structure can be attributed to the change in column shear

capacity at the 5™ floor level (weak story effect).

5.2.4.4 Column Layout

The orientation of columns is based on architectural requirements rather than
structural. In the present study a comparison between regular and irregular column
layout is made to emphasis the importance of column orientation. Two structures had
identical characteristics except for the orientation of the interior four columns in a
frame (Runs 19 and 20). Both frames had infill panels on the 2" floor to the roof. In
FSS (_II), the strong axis of the interior 4 columns was perpendicular to the plane
of the frame and in SSS (I____I), the strong axis of the interior 4 columns was in the
plane of the frame, as shown in Fig 5.1. In the plane of the frame, SSS was stiffer
than FSS and had larger strength capacity.

As shown in Fig 5.17, peak roof  displacements were larger for SSS than
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for FSS. Damage is expected to occur in SSS. It can be observed from Fig. 5.18 that

the stiffer structure, SSS, attracts considerably higher base shear than FSS.
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Figure 5.17 Time history of roof drift - different column orientation.
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Figure 5.18 Time history of base - different column orientation.

From the results shown in Fig.5.20, failure of the infill panels is expected at
the 4®, 5™ and 6™ stories in SSS, and at the 4™ and 5™ stories in FSS. The higher
story drift on the upper levels in SSS as compared to FSS could is due to the failure
of infill panels at the 6™ story in SSS. No shear failure was observed in either
structure although exterior columns on the 1* and on the 5™ story in FSS experienced
flexural hinging at both ends. No shear failure was observed because the capacity of
the exterior columns is controlled by flexure. A larger first story drift was observed
in FSS, which could be expected since the 1* story in FSS was more flexible than the

1* story in SSS.
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Figure 5.19 Maximum story drift - with different column orientation.
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Figure 5.20 Maximum interstory drift - with different column orientation.
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5.2.5 Mass Distribution
5.2.5.1 General

The distribution of mass to the frame being analyzed was based on a constant
mass to sﬁffness ratio determined from an elastic dynamic analysis using 0.5El; for
beams and 0.7EI; for columns (E. is the modulus of elasticity for the concrete and I
is the moment of inertia of the gross section). Hence, the fraction of total building
mass assigned to each frame was proportional to the base shear resisted by the
corresponding frame. The same mass was assigned to all floors except a smaller
mass was assigned to the roof. In a real system, the distribution of mass among
various lateral-load resisting elements would be changing with time as the stiffness
of various elements change during an earthquake. For simplicity, such changes were
not included in the analyses conducted herein.

Two structures were analyzed and results were compared. Structures Al and
SSS (Fig 5.1) with infill panels were assigned 15 or 20% of total building mass

(Runs 13, 14, 15 and 18).

§.2.5.2 Analysis Results

Maximum story drifts, maximum interstory drifts and time-history of base
shear to weight ratio were calculated for all models and are shown in Figs. 5.21
through 5.26.

Figures 5.21 and 5.22 show that models with lower assigned mass had
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slightly higher base shear to weight ratios. Table 5.1 shows that the fundamental
periods of structures Al and SSS were shorter when they were assigned less mass.

Therefore, the peak response to the selected earthquake motion was higher.
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Figure 5.21 Time history of base shear for SSS structure with different assigned

masses.
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Figure 5.22 Time history of base shear for Al structure with different assigned
masses.

Infill panels failed at interstory drifts in excess of 0.4%. Figures 5.23 and
5.24 show that the panels failed at the 4™, 5™ and 6™ stories in SSS.20, AL15 and

AL20 and at the 4® and 5" stories in SSS.15.
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Figure 5.23 Maximum interstory drift for SSS structure with different assigned

masses.
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Figure 5.24 Maximum interstory drift for AI structure with different assigned
masses.

After infill panels failed on the 4™ story in all structures, the 4™ story became
soft with respect to the 3" story. There was a significant increase in maximum story
drift from the 3™ story to the 4™ story in SSS.15, $SS.20, AL 15 and AI.20 as shown

in Figs. 5.25 and 5.26.
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Figure 5.25 Maximum story drift for Al structure with different assigned masses.
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Figure 5.26 Maximum story drift for SSS structure with different assigned
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masses.

An acceptable measure of damage can be related to the drift sustained by the
structure. Interstory drift provides information on the eventual failure mode of
structural members. Column failure at the 6™ story in A.20 was identified from the
analysis. The corresponding interstory drift was the largest for AL.20 on the 6" story.
Column failure on the 5™ story in SSS.15 was identified. The corresponding
interstory drift was the largest for SSS.15 on the 5" story. AL15 and AL20 have the
same material and physical properties except for the mass. Column failure could be
identified at an interstory drift of 1.8% in AL20, while no failure was indicated in
AL1S although a 2.6% interstory drift was calculated. The moments at the end of
failing columns in AL20 were almost equal and opposite in sign, indicating that
shear had reached the maximum capacity of the column before flexural yielding of
the column occurred (Fig.5.27 (a)). Some columns reached yield moment at one end,
leading to large interstory drifts, however, the shear resisted by the column did not
exceed the shear capacity (Fig. 5.27 (b)). Thus, no failure was observed aithough

interstory drifts were large.
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Figure 5.27 Sketches of two different scenarios for large drift
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Where,
M1, M2 = moment at end 1 and end 2 respectively;
Mly, M2y = yield moment at end 1 and end 2 respectively;
L = length of the column;
V = shear in the column;
Vmax = shear capacity of the column.

Figure 5.28 shows the failure sequence in SSS.15 and AL20. The infill panels
were the first elements to fail when interstory drift of 0.4% was reached. In SSS.15,
first the infills failed on the 5" story, next column shear failure occurred on that same
story. The event is similar to the failure of a soft 5™ story. In AI20, first the infills
failed on the 4" story, no column shear failure occurred on that same story. Next
another soft story formed on the 6™ floor after infills had failed on the 6" story.
Column shear failure followed infill failure on the 6" floor. Column shear failure
occurred at the 6™ story but not on the 4™ story because the 6™ story is weaker given
the smaller size of columns and therefore lower shear capacity at the 6™ story with

respect to the 4" story.
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Figure 5.28 Failure sequence forM9 SSS.15 and AL20



In these analyses, the distribution of total building mass to the section was
an important parameter in determining the sequence of failure in a building. The base
shear to weight ratio was almost unchanged for Al.15 and AIL.20.There was close
agreement in the shape of the story drift, however, the magnitude of drifts were
different for different assigned masses due to different sequence of failure and
different inertial forces. The difficulty in assigning a mass to the analyzed section is
similar to the difficulty faced when assigning a load pattern in performing a static
nonlinear analysis or pushover analysis of a structure. The mode shapes of the
structure vary as some elements of the structure undergo cracking, yielding or
failure. Thus, assigning a constant mass for a section will be accurate only if the

section is isolated from the rest of the structure.

5.2.6 Residual Column Strength
5.2.6.1 General

Test results® ®' have shown that after shear failure, columns may still carry
some load but the strength and stiffness of the columns are reduced substantially
(Fig. 5.29). Two values of residual strength were considered in the present
investigation. SSS.15RS.1/3 and SSS.15RS.2/3 (Runs 13 and 16) are soft story frame
structures with infill walls on the second floor to the roof. AL20RS.!/3 and
AL20RS2/3 (Runs 15 and 17) are frame structures with infill walls at all levels.

Each pair of structures has the same parameters except for the residual
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strength that is 1/3 and 2/3 times the initial shear capacities.
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Figure 5.29 Force-displacement relationship for the parallel element'*

5.2.6.2 Analysis Results

The time history of base shear and roof displacement, and the maximum
interstory drift and maximum story drift were calculated for the four structures. No
clear trends are evident in base shear values. However, Figs 5.30 and 5.31 show that
with lower residual shear capacity, the period of the structure after column shear
failure occurred was slightly greater. Li and Jirsa'* made the same observation for a
frame structure with no infill walls. The period of the structure seemed to increase
after shear failure occurred. Such changes could be expected since the stiffness of the

failing elements decreases and thus the stiffness of the structure decreases.

151



06

04

02t

0.8 L AL . LA SRR R R S A BN SR SAR §
0 1 2 3 4 5 6 7 8 9 10 11 12 13 14 15

Time (s)

Figure 5.30 Time history of roof displacement for Soft Story System
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Figure 5.31 Time history of roof drift for All Infill structure
Figures 5.32 and 5.33 showed close agreement in the shape of the story drift
for SSS structures and Al structures respectively. However, magnitudes of drifts

were different for different assumed residual strengths.
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Figure 5.33 Maximum story drift for All Infill structure
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Infill walls failed when interstory drift in excess of 0.4% was reached.
Figure 5.34 shows that infill walls failed on the 4™ and 5" stories for SSS.15RS.2/3
and on the 5" story only for SSS.15RS.1/3. Figure 5.35 shows that infill walls failed
on the 4™, 5 and 6" stories for AL20RS.2/3 and on the 4" and 6™ stories only for
Al.20.RS.1/3.

The analytical results showed that the interior four columns on the 5 story in
SSS.15RS.1/3 and SSS.15RS.2/3 failed in shear at 6 seconds. At 7.7 seconds, the
exterior columns on the 5" story in SSS.15RS.1/3 failed in flexure. After shear
failure of the interior columns, a dramatic decrease in the stiffness occurred causing
the shear to be distributed to the exterior columns. The same effect was observed on

the 6" story for AL.20RS.1/3 and AI.20RS.2/3.
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Figure 5.34 Maximum interstory drift for Soft Story System
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Figure 5.35 Maximum interstory drift  for All Infill structure
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5.2.7 Infill Action

To investigate the effect of infills, behavior of two sets of three structures
were compared: (FR.15, SSS.15 and AI1S, Runs 12, 13 and 18) and (FR.15, SSS.20
and AL.20, Runs 12, 14, and 15). In the first set, the three structures had the same
material properties and characteristics, except that FR.15 is a frame with no infill,
SSS.20 is a frame with infill walls from the second floor to the roof and AL20 is a
frame with infills at all levels. In the second set, the same configuration was used as
in the first set except that the attributed mass to structures with infill walls was
changed to 20% of total building mass instead of 15%, so that the mass was
increased as the stiffness increased.

Maximum story drifts, maximum interstory drifts and time-history of base
shear to weight ratio were calculated for all structures and are shown in Figs. 5.36
through 5.38. Figures 5.36 a and b show the much larger base shear for structures
with infill walls. The first mode was predominant in the response of FR.15
(Figs.5.37a and 5.37b) because the story drift was almost an inverted triangle.
Although AI and SSS were stiffer than FR, deformations were larger at upper floors
after infill panels failed (Fig. 5.37a). At lower floors where no panel failure occurred,
Al was stiffer than both SSS and FR. As expected, deformations of the first story of
the SSS systems were greater than FR because of the soft first story. Column shear
failure occurred in the interior four columns on the 5 story in SSS.15 while no shear

failure was observed in AIlS. Column shear failure was identified in the
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calculations for the interior four columns on the 6" story in AL20 while no shear
failure was observed in SS88.20. Therefore, including infills carrying shear only can
alter the location and the sequence of failure in the structure. These phenomena were

interpreted in section 5.3.5.2 and will be discussed in greater detail in Chapter 7

(section 7.4.3).
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5.2.8 Variations in Ground Motions
§.2.8.1 Ground Motion Characteristics

In order to assess the importance of the ground motion record as input for
conducting a time history analysis, four ground motion records were used in studying
the response of the prototype structure. The ground motion records were scaled so
that the peak ground acceleration was 0.45g, the peak ground acceleration expected
in several areas of Turkey with a 10% probability of exceedance in 50 years, i.e. with
a return period of 475 years®*®. The SO0E component of the El Centro, Imperial
Valley Earthquake, of May 18, 1940 (the first complete earthquake ground motion
accelerogram recorded) was selected for this study. It has been widely used as a
typical earthquake ground motion in past research, with strong shaking that lasted
more than 20 seconds (Fig. 5.39). The three other records used were the 1994
Northridge earthquake because of the similarity of the Levant fracture system and
the San Andreas Fault system, the 1998 Ceyhan earthquake and the 1999 Izmit

earthquake in Turkey (Figs 5.40, 5.41 and 5.42).
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Figure 5.39 Ground acceleration time history of the 1940 Imperial Valley

Earthquake at El Centro (SOOE direction)
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Figure 5.40 Ground acceleration time history of the 1994 Northridge Earthquake (E-

W direction).

The Northridge record was obtained from the E-W accelerogram that was recorded
at the base of a seven-story hotel at 8244 Orion Avenue, Van Nuys, California. The
hotel was located at approximately 4.5 miles east of the epicenter of the 1994

Northridge earthquake.
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Figure 5.41 Ground acceleration time history of the 1998 Ceyhan Earthquake in

Turkey (Direction: N-S. Location: CEYHAN TARIM ILCE MD.LUGU)
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Figure 5.42 Ground acceleration time history of the 1999 Izmit Earthquake in Turkey
(Direction: E-W. Location: DUZCE METEOROLOIJI ISTASYONU)

Figures 543, 544 and 5.45 show respectively the acceleration, the
displacement and the velocity response spectra for all of the ground records scaled to
the Northridge earthquake. The longitudinal component of the Ceyhan earthquake
was scaled by a factor of 2, Izmit by 1.19 and El Centro by 1.28 so that peak ground
acceleration equals 0.45g. The response spectra for Northridge and [zmit earthquakes

are similar as are the Ceyhan and El Centro earthquakes.
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Figure 5.43 Acceleration response spectra for El Centro, Northridge, Ceyhan and

Izmit earthquakes with 5% damping ratio.
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Figure 5.44 Displacement response spectra for El Centro, Northridge, Ceyhan and

Izmit earthquakes with 5% damping ratio.
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Figure 5.45 Velocity response spectra for El Centro, Northridge, Ceyhan and [zmit

earthquakes with 5% damping ratio.

5.2.8.2 Structure Characteristics

The structure subjected to the different ground motion records was
SSS.15RS2/3 (Run 13). It had infill walls on the 2" floor to the roof. The effective
stiffness in SSS.15RS2/3 was assumed to be 0.5 times the stiffness of the concrete
gross section for beams, and 0.7 times the stiffness of the concrete gross section for

columns. The residual strength after column shear failure was assumed 2/3 of the
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maximum capacity of the column. Concrete strength was taken equal to 0.9 times
the design strength and the steel strength was taken equal to 4/3 times the design
strength. The structure was assigned 15% of the total building mass. The
fundamental period for SSS.15RS2/3 was 0.95 seconds and the second mode period
of vibration was 0.28 seconds. The acceleration response spectra for all the records
considered indicates high responses in the 1% and 2" modes of the structure.
Therefore, the structure is expected to be subjected to significant forces during the

earthquakes selected.

5.2.8.3 Analysis Resuits

The time history of base shear and roof displacement, and the maximum
interstory drift and maximum story drift were calculated for SSS.15RS.1/3 subjected
to the scaled El Centro, Northridge, Ceyhan and Izmit earthquakes. The results are

plotted in Figs. 5.46, 5.47 and 5.48.
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Figure 5.47 Maximum story drifts for SSS.15RS.2/3
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Figure 5.47 Maximum interstory drifts for SSS.15RS.2/3

Even though the peak ground acceleration was the same for all four records,
Fig 5.46 shows the maximum ratios of shear to weight of the structure reached at the
base of the structure were 0.37 using El Centro ground motions, 0.39 with Izmit,
0.34 with Ceyhan and 0.3 with Northridge. Figure 5.47 shows a close agreement in
the general shape of the maximum story drifts using different ground motion records,
however, the values of drifts were significantly different especially for the stories
above the level infill walls failed. Figure 5.48 indicates infill failure from the 2™
floor to the 7™ using Izmit ground motions (interstory drift larger than 0.4%). Infill
walls failed on the 4™ and 5" stories using Ceyhan earthquake. And EL Centro and

Northridge shaking caused infill failure  on the 4" 5™ and 6™ stories. Analytical
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results indicate column shear failure on the 5" story using Ceyhan, and on the ¥
story using Northridge, and no column shear failure using Izmit or El Centro. Note
the large interstory drift from Northridge on the 1¥ story and from Ceyhan on the s
story.

The results were very sensitive to the input ground motions. Failure
sequence, location of failure and maximum base shear were significantly different

for different earthquakes of the same intensity.

In summary, as expected, a nonlinear dynamic simulation of the response of a
structure using models with load-deformation characteristics representing as many
key features of the behavior of the real members as possible are expected to
reproduce the behavior of the structure with acceptable accuracy. The results of the
simulation depend highly on the assumptions, the analytical limitations, the model
and the ground motion input used, especially in predicting the sequence and location

of structural member failure.
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CHAPTER 6
NONLINEAR STATIC ANALYSES

6.1 General

As described in section 2.4.6.3, a nonlinear static analysis procedure,
commonly referred to as a pushover analysis, was included in the “Guidelines for the
Seismic Rehabilitation of Buildings™'. It is intended to be a technique that provides
the designer with an estimate of the response of a structure under monotonically
increasing lateral forces. The method consists of applying a specified lateral load
distribution along the height of the structure. The lateral load is increased until either
a mechanism forms or a target displacement or deformation of a specific part of the
structure is reached. A pushover analysis is expected to establish the sequence of
component yielding and/or failure, the global ductility, and the adequacy of the
structure by providing a relationship between drift, generally the roof displacement,
and the base shear of the structure.

In this chapter, analyses are conducted to compare the results from pushover
analyses with the results from nonlinear time history analyses. For consistency, the
same structural models used for dynamic analysis are used for the pushover analysis.
DRAIN-2D was used to perform the analyses. A brief evaluation of the pushover

analysis in Nonlinear Push SAP2000 was conducted.
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6.2 Drawbacks of the Pushover Procedure

14646566 concluded that the pushover method is sensitive to

Previous studies
structural modeling, lateral load distribution and site characteristics.

It is important to note that based on a pushover analysis, nearly any model of
member response will provide the same peak lateral capacity of a structure if the
load level representing the “yield plateau” is about the same'*®’ and if there
insufficient ductility of all critical elements. The deformations at which the peak load
is reached may be quite different and can be misleading when used to determine
deformation capacity of the system, especially when comparing that capacity against
deformation demands determined from ground motions. As a result, the failure
sequence and locations in a structure from a pushover analysis may differ
significantly as more sophisticated structural models® that simulate observed
strength-deformation relationships more closely are used.

Although structural capacity and earthquake demand are expected to be
interrelated®, a pushover procedure that is based on a constant load pattern assumes
that the structural capacity and earthquake demand are independent.

Current pushover analysis techniques are two-dimensional procedures.
Programs such as SAP2000 that incorporate three dimensional interaction effects
seem to be incomplete. Using a 2-D model to simulate the behavior of a 3-D

structure is too simplistic in many cases and fails to represent the effects of torsion. It
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is impossible to represent completely a 3-D structure using only two parameters,
base shear and roof displacement.
6.3 Load Pattern

Two major difficulties are encountered in performing a pushover analysis:
determining a representative structural model and an appropriate load pattem. The
load pattern is intended to reproduce the inertial lateral forces on the structure due to
ground accelerations. In reality, such forces vary as some components of the
structure undergo cracking and yielding. There are several patterns used, including
uniform distribution, inverted triangular distribution and modal adaptive
distribution®. The former two patterns bound the response and are the most
commonly used. The modal adaptive distribution captures the different modes of
deformation and the influence of higher modes in the response but is more difficult
to implement in existing analytical programs, as it needs to be updated at each event
in the analysis. Results from a pushover analysis using the modal adaptive
distribution are in good agreement with time history analysis for the same structure
using the acceleration response spectrum corresponding to the ground motion
record® %, In the current study, “uniform”, “inverted triangle” and “modal” load
patterns were investigated (Figs. 6.1 and 6.2). The “modal” pattern was similar to the
method suggested in FEMA 273 as the pattern corresponding to the initial elastic
modal response. FEMA 273 suggests that inertial forces on each floor be computed
from the elastic modal response. The simplification to the method in FEMA 273 was

1



to use the deformed shape of the structure from elastic modal response and to assume
only lateral translational stiffness for each story. The force, F; on floor i, can be

computed using Eq (6.4) which is developed as follows:

Lo Ll

Analytical model Uniform distribution Triangular distribution

Figure 6.1 Load patterns, “uniform” and “triangle”

Ai+! | Fi+l
Ai ‘ Fi
Ai-1 Fi-1
Analytical Model Deformed Shape Load Pattern

Figure 6.2 Suggested load pattern for “modal” distribution
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Fy =K(AR —AR—l) Eq (6.1)

R
ZFI = K(A,. -Ai-l) Eq (6.2)
Jj=i
R
Y F =Kk(a,,-A) Eq (6.3)
J=ivl
Subtracting Eq(6.2) from Eq(6.3) and substituting K by 0
R
F = '_Q—_(ZA:' -AL A ) Eq (6.4)
(AR - AR-I)
Where,
R is the roof,

i,j are floor levels i and j.

6.4 Comparison Study

6.4.1 DRAIN-2D

DRAIN-2D was used to evaluate the role of structural modeling and load

Fy

- AR-I)

from Eq (6.1)

pattern on the behavior of the structure. In order to normalize the base shear, the

weight of the structure was assumed equal to 2920 kN = 15% of the total building
weight. The following parameters were used for all the structures unless specified
otherwise. The residual strength of columns failing in shear was 2/3 of their
maximum shear capacity. The concrete strength was 2.25 ksi or 90% of the specified

design strength, and the steel strength was 80 ksi or 4/3 the specified design strength.
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The effective stiffness of beams was based on half the moment of inertia using the
concrete gross section and the columns on 70% of the gross section. The beam

column joints were assumed rigid.

6.4.1.1 Frame Structure

The structure was modeled as frame FR shown in Fig 5.1 (Run 12 from Table
5.1). All other properties were as defined in section 6.4.1.

According to FEMA 273!, for life safety, FR is required to sustain a drift, &,
defined by Eq.(6.5).

T-
5,=CCCCS, 1558 Eq. (6.5)

Cy is a modification factor to relate spectral displacement and likely building roof
displacement’ ;

C, is a modification factor to relate expected maximum inelastic displacements to
displacements calculated for linear elastic response’;

C, is a modification factor to represent the effect of hysteresis shape on the
maximum displacement response’;

C; is a modification factor to represent increased displacements due to dynamic P-A
effects’;

Sq is the response spectrum acceleration, at the effective fundamental period and

damping ratio of the building in the direction under consideration’;
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T. is the effective fundamental period in the direction under consideration’.
For Ceyhan site,
Sxs= 1.4 g (spectral response acceleration at short periods);
Sx1= 0.65 g (spectral response acceleration at one-second period);
To= 0.6 seconds (period at which the constant acceleration and
constant velocity regions of the design spectrum intersect);
For FR, T = 1.61 seconds (from a dynamic analysis);
Co= 1.46 (FEMA 273 Table 3-2)
C,= 1.0 (FEMA 273 section 3.3.1.3, T>To);
C,= 1.1 (FEMA 273 Table 3-1 Performance Level = Life Safety);
Cs= 1.0 (FEMA 273 section 3.3.1.3);
S,= 0.4 (FEMA 273 section 2.6.1.5 at Ceyhan site);
Te=T (using the TRIANGLE pattern for FR structure, Fig.6.3).
Therefore, &, =414.2 mm
& H=1.62%
Where H is the height of the building (25600 mm).

The results shown in Fig. 6.3 indicate that the load pattern has a great deal of
influence on the base shear and the roof displacement of a frame structure. For the
FR structure, the modal pattern, MODAL, which is supposed to include the
contribution of more modes than the inverted triangle pattern, TRIANGLE, was the

most conservative. The capacity and the stiffness of the structure were significantly
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affected by the distribution of lateral forces. The softening of the structure can be
observed after yielding was initiated in some elements.

The story drift and interstory drift using different load patterns had the same
general shape. The magnitudes at the first story were significantly different (Figs. 6.4
and 6.5). It is likely that failure sequence and location of failing elements will be

different for each load pattern.
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Figure 6.3 Base shear vs. roof drift for FR structure — Different load patterns
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Figure 6.4 Maximum story drift for FR structure at a target roof drift (1.62%, from
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from FEMA 273) - Different load patterns
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Figure 6.6 Maximum interstory drift for FR structure at target roof displacement.

Maximum interstory drifts for structure FR when roof target displacement
was reached from pushover analysis using the inverted triangle pattern, TRIANGLE,
are shown in Fig. 6.6. Also shown in Fig. 6.6 are the maximum interstory drifts from
the nonlinear time history analysis and the pushover analysis using uniform pattern.
Figure 6.6 indicates that, on most floors except the 7™ and 8", interstory drifts from
pushover analyses (using different load patterns) were equal or larger than those
from nonlinear time history analysis, suggesting that more damage in the structure is
expected from pushover analyses than from nonlinear dynamic analysis. The
pushover procedure may lead to more conservative design than nonlinear time

history analysis.
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6.4.1.2 Soft Story Frame Structure

The structure was modeled as a frame with infill walls from the second floor
to the roof, SSS as shown in Fig 5.1 (Run 13 from Table 5.1). All other properties
were as defined in section 6.4.1.

For SSS, T = 0.95 seconds (from Dynamic analysis);
Co= 1.46 (FEMA 273 Table 3-2)
C,= 1.0 (FEMA 273 section 3.3.1.3, T>Ty);
C,= 1.1 (FEMA 273 Table 3-1 Performance Level = Life Safety);
Cs= 1.0 (FEMA 273 section 3.3.1.3);
S.= 0.68 (FEMA 273 section 2.6.1.5 at Ceyhan site);
Te=T (using the TRIANGLE pattern for SSS structure).
Therefore, §, = 246.7 mm, and
& /H= 0.96% is the roof drift that SSS must sustain for life safety according to
FEMA 273.

Figure 6.7 shows that the pushover curve for SSS changed dramatically
depending on the load pattern used. Stiffness and strength capacity seemed to be load
pattern dependent. SSS failed before the target displacement determined from FEMA
273 was reached. The failure was in the analysis rather than in the structure: several
elements failed causing the stiffness to become negative and analyses gave

meaningless results. Because the analyses were conducted using DRAIN-2D, the
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pushover was force controlled. Therefore, when failure was reached, even an
infinitesimal increment of lateral load caused the program to fail.

Figures 6.8 and 6.9 show the maximum story and interstory drifts for SSS
structure just before failure. All three load patterns resulted in the same shape of the
story and interstory drift curves. As expected the first story drift was significantly
larger than the second story values due to the soft first story (no infills) (Fig 6.9).
The analyses indicated instability and loss of capacity, which is labeled “end of
analysis” on the curves. Therefore, the results give no information regarding the
strength of the structure. The largest interstory drift would be expected to occur in
the soft first story. However, Fig. 6.9 shows larger drifts at higher levels in the
structure. The reason could be attributed to the shear failure in columns at upper

floors after infills failed at low base shear.
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Figure 6.7 Base shear vs. roof drift for SSS structure — Different load patterns
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Figure 6.8 Maximum story drift for SSS structure — Different load patterns
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Figure 6.9 Maximum interstory drift for SSS structure — Different load patterns
Figure 6.10 shows the locations of “failure”(end of analysis) in SSS using the
inverted triangle load pattern (TRIANGLE). As soon as one element failed, it
triggered a load redistribution, which caused failure to spread instantaneously to
other adjoining elements. The sequence of failure could not be determined as the
analysis was interrupted when such instability occurred. However, the pushover
analysis of SSS using the inverted ‘triangle pattern indicated that column failure is
likely on the 5 story after the infill walls reach a critical interstory drift of 0.4% (the
reliability of this indication is questionable). This is in agreement with the nonlinear
time history analysis of the same structure under the Ceyhan ground motions with

peak ground acceleration of 0.45g. (See Fig. 5.28 SSS structure)
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CY column yield
CS column shear
CF column flexure
BY beam yield

BF beam flexure
W panel failure

Figure 6.10 Locations of failure in SSS structure using TRIANGLE load pattem

6.4.1.3 All Infill Frame Structure
The structure was modeled as a frame with infill walls at all levels, AI (Run
15), as shown in Fig 5.1. The mass of the structure was assumed equal to 20% of the
total building mass. All other properties were as defined in section 6.4.1.
For Al T = 1.05 seconds (from Dynamic analysis);
Co= 1.46 (FEMA 273 Table 3-2)
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Ci= 1.0 (FEMA 273 section 3.3.1.3, T>To);

C,= 1.1 (FEMA 273 Table 3-1 Performance Level = Life Safety);

Ci= 1.0 (FEMA 273 section 3.3.1.3);

S.=0.62 (FEMA 273 section 2.6.1.5 at Ceyhan site);

Te=T (using the TRIANGLE pattern for Al structure).
Therefore, &, = 272.6mm, and
3, /H= 1.06%, is the roof drift that is required by FEMA for Al to satisfy life safety
requirements.

It should be noted that the fundamental period for Al is larger than for SSS
because the mass of Al is larger than that of SSS. However, for comparison with
SSS, the base shear was normalized by dividing it by the same weight used in SSS,
that is, weight was relative to the tributary area (FEMA 273).

Figure 6.11 indicates that the capacity of structure Al depended on the load
pattern used in the pushover analysis. Using the inverted triangle pattem,
TRIANGLE, the pushover curve for Al showed gradual softening of the structure as
cracking, yielding and failure of some of its components were reached. A mechanism
was reached at a displacement larger than the target displacement for life safety
performance determined from FEMA 273. Using a UNIFORM pattern results in an
instability of the analysis before the target displacement was reached (Fig. 6.11).

Maximum story drift from the nonlinear time history analysis, DYNAMIC,

and at roof target displacement from pushover analysis using inverted triangle are
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shown in Fig. 6.12. It can be seen that the pushover analysis using the inverted
triangle pattern, TRIANGLE, and the nonlinear time history analysis, DYNAMIC,
gave the same trend in story drift for structure Al Infill panels failed when interstory
drift reached 0.4%. Infill panels failed on the 4™ story (Fig. 6.13) from both
procedures, nonlinear dynamic and nonlinear static using inverted triangle load
pattern causing the 4™ story to become more flexible than the 3™ story (soft 4™ story
with respect to the 3™). The increase in drift from the 3" story to the 4™ can be

related to the softening of the 4™ story after infill panel failure.
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Figure 6.11 Base shear vs. roof drift for structure Al — Different load patterns
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Figure 6.13 Maximum interstory drift for structure Al at roof target displacement
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Maximum interstory drifts for structure Al when roof target displacement
was reached from pushover analysis using the inverted triangle pattern, TRIANGLE,
are shown in Fig. 6.13. Also shown in Fig. 6.13 are the maximum interstory drifts
from the nonlinear time history analysis. Figure 6.13 indicates that the inverted
triangle pattern produced infill failure at the upper floors, such failure can be
indicator of weak upper story. Infill panels failed on stories where interstory drift
exceeded 0.4%. It can also be seen that, on stories where infill panels failed, the
interstory drift values from pushover analysis, TRIANGLE, exceeded those from the
nonlinear time history analysis, DYNAMIC, suggesting that more damage in the
structure is expected from pushover analysis than from nonlinear dynamic analysis.
The pushover procedure may lead to more conservative design than nonlinear time
history analysis.

Interstory drifts for structure Al are shown in Fig. 6.14 at the time when the
maximum roof drift was reached during a non-linear time history analysis,
DYNAMIC. The dynamic and the static analyses gave a similar pattern of interstory
drift, however, the values of the drifts were very different. Hence, using the base
shear versus roof drift to approximate damage is too simplistic and therefore its

accuracy is questionable particularly when higher mode effects are not negligible.
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Figure 6.14 Interstory drifts for structure Al at maximum roof drift during nonlinear
time history analysis, DYNAMIC.

Figure 6.15 shows the location of failure that was produced in structure Al
when the structure was increasingly pushed, using the inverted triangle load pattern,
until a mechanism was formed. Shear failure in columns was identified in the
pushover analysis of structure Al. However, the location of failure occurred on the
4™ story (Fig. 6.15), while column shear failure was identified on the 6™ floor from
the dynamic analysis. The difference in prediction of the failure sequence between
dynamic and pushover analysis may be attributed to higher mode effects that could
not be reproduced with a load pattern that has the same shape throughout the load
history. Failure would be expected at the first story in a static pushover analysis.

However, the contribution of infills to the shear strength at the base of the structure
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and the failure of the infill panels at the upper floors at low base shear might have

been the reason why column shear failure occurred on the 4" story level.

Level

Columns
70X20cm

CS column shear
CF column flexure
BF beam flexure

W panel failure
Figure 6.15 Location of failure in Al structure using inverted triangle load pattern,

TRIANGLE.

6.4.1.4 Residual Strength

Two sets of models were considered for this section. The first set comprised
two structures SSS (Runs 13 and 16) and the second two structures AI (Runs 15 and
17) having the same characteristics except for the residual strength of columns

failing in shear. The analyses were performed using DRAIN-2D which is capable of
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force controlled analyses only. When column shear failure occurred for both
structures SSS and Al, the stiffness of the structure was negligible (Figs. 6.7 and
6.11), deflections were very large and the results were not reliable. The analysis was

interrupted due to instability.

6.4.1.5 Geometric Variations

Two models, SSS (Run 19) and FSS (Run 20), having the same
characteristics except for the column layout, were analyzed. SSS was a soft story
frame structure with infill walls from the 2™ floor to the roof and the long direction
of the interior four columns in the plane of the frame (Fig. 5.1). FSS was a soft story
frame structure with infill walls on the 2™ floor to the roof and the long direction of
the interior four columns normal to the plane of the frame (Fig. 5.1).

Inverted triangle and uniform load pattern were used for pushover analysis
and the results are shown in Figs. 6.16 and 6.17. The capacity curves showed that
SSS is stiffer than FSS and has a higher base shear capacity (Figs. 6.16 and 6.17).
Flexural failure at both ends of all the columns on the third story in FSS was reached
using inverted triangle load pattern and could be identified from the large interstory
drift at the 3" story in Fig. 6.18. Since the columns at thel* story level have the same
capacity as those on the 3 level, failure would be expected at the lower floor.
However, the analysis was ended abruptly. Therefore, the results may be
questionable. The failure determined from the pushover analysis was reached at a
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roof drift of 0.18%, while the building sustained a roof drift of 0.64% with no
flexural failure during the nonlinear time history analysis using the Ceyhan
earthquake record. Flexural yielding of exterior columns on the 5" story was
observed in the nonlinear time history analysis. The discrepancy in the sequence of
failure between the dynamic and the static analyses may be attributed to higher mode
effects that are vaguely approximated with the inverted triangle loading. Uniform
loading predicted flexural failure on the 5" story exterior columns only.

It should be noted that the capacity curves in Figs. 6.16 and 6.17 are
terminated at the points shown. In reality, the program generated larger

displacements, but failure caused the analysis to be unstable.
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Figure 6.16 Base shear vs. roof drift for SSS and FSS using inverted triangle load
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Figure 6.17 Base shear vs. roof drift for FSS and SSS using uniform load pattern
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Figure 6.18 Maximum interstory drift for FSS using inverted triangle and uniform

load patterns
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6.4.2 SAP2000
A user-friendly program with visualizing capacities such as SAP2000 has
been used in design. In this section, the results using SAP2000 were compared to the

results from DRAIN-2D.

6.4.2.1 Modeling Assumptions

It was found that the SAP2000 package is still incomplete for performing
pushover analysis on buildings with panel (shell) elements. In SAP2000, Pushover
analysis can be applied to frame structures only. Inelastic behavior is limited to
beams, columns and truss elements.

Structure FR was analyzed using SAP2000. Geometric characteristics and
material properties were input and the program determined the inelastic hinges. The
same modeling assumptions as in DRAIN-2D were used, namely that hinge rotations
occurred at the end of the elements and shear hinges in columns were located in the
middle of the column element. A large discrepancy in the results was found due to
the shear capacity calculated in SAP2000. The shear capacity V. computed using

SAP2000 is given by Eq. (6.6)

V= 21"—;J'f7 Eq. (6.6)

Where A; =concrete gross area;
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f’. = concrete strength.

This value of shear is only an approximation of the concrete contribution to
the shear capacity of the structure. The shear capacity of a typical column in the
lower floors of FR is 284 kN from hand calculations using ACI318-95 code’, and
88.6 kN from SAP2000 calculations. Therefore, the hinge properties used in

SAP2000 were input by hand.

6.4.2.2 Results

Figure 6.19 shows that DRAIN-2D and SAP2000 gave the same results until
the maximum capacity of members was reached. The discrepancy between DRAIN-
2D and SAP2000 may be explained by two reasons:

s SAP2000 allows deformation-controlled analysis. The analysis is stopped
when a target displacement is reached or a mechanism is formed. Thus, for
increasing displacements, lower values of base shear may be obtained,
DRAIN-2D is force controlled. Therefore, an increase of base shear is
associated with an increase in displacement and analysis is stopped when a
target base shear is reached or a mechanism is formed.

* The model used in DRAIN-2D has no limitations on the plastic rotation.

SAP2000 allows limiting the plastic rotation as shown in Fig. 6.20.
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Figure 6.19 Base shear vs. roof drift for FR using SAP2000 and DRAIN-2D

4 Moment Moment

—p >
Rotation Rotation

Beam element - DRAIN-2D Beam element - SAP2000
Figure 6.20 Force deformation characteristics
For the same mode! and same hinge properties, the run time for the pushover
analysis using SAP2000 was more than 10 times longer than running a time history

analysis with a ground motion record of 3000 points using DRAIN-2D. SAP2000 is
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certainly easier to use than DRAIN-2D but the package is not complete yet, and

some calculation subroutines, particularly for section properties need to be verified.

In summary, pushover analysis may not be as simple as has been assumed by
many users. It is sensitive to the properties of the components of the lateral force
resisting system and the load pattern. Section properties are needed as in a nonlinear
time history analysis. A constant load pattern may underestimate the effect of higher
mode effects. A load pattern that varies as the structure undergoes cracking and
yielding (modal adaptive) is site dependent as is the ground record input in dynamic
analysis. Therefore, the author believes that non-linear static analysis cannot reliably

replace nonlinear dynamic analysis.
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CHAPTER 7
RETROFIT AND PERFORMANCE ENHANCEMENT SCHEMES FOR
THE PROTOTYPE BUILDING

7.1 General

In the previous chapters, it was shown that a non-linear dynamic or static
analysis is expected to be sensitive to structural characteristics and site specific
ground motions or seismic properties. In this chapter, structural characteristics of the
building were chosen such that it would represent, as closely as possible, a typical
building. The Ceyhan ground motion record was used. Evaluation of the
performance of the building was conducted and different possible retrofit and

enhanced design schemes are presented.

7.2 Performance of a Typical Building
7.2.1 Modeling Assumptions

Simple models were used to represent the nonlinear behavior of beams,
columns, infill panels and shear walls.

Beam-column connections were assumed rigid. As shown in Fig. 7.1 beams
were modeled as bilinear elements with no limit on the deformation capacity. The

linear degradation of beam strength was ignored to avoid instability in the analyses
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due to negative stiffness. Therefore, maximum plastic rotations of elements had to be

checked to determine the reliability of the results.

A

Moment

My

>
Oy Ou  Rotation

Figure 7.1 Load-Deformation characteristic for a beam

The load-deformation characteristic for columns failing in shear is shown in
Fig. 7.2. The residual strength is expressed in the analysis as a fraction of the
maximum strength. The residual strength level is an upper bound on the column
capacity for all deformations greater than those at which the peak is reached. This
model was first suggested by Li et al.'*, and is referred to as the parallel element
model. The parallel element was detailed in section 4.3.1.2 and summarized in Fig.
7.3. This model is acceptable if the column fails when the moments at its ends are
both below their yield value. In some instances, a column shear might reach a
maximum value when one end of the column has reached flexure yield (Fig. 5.27).
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The parallel element model was modified so that boundary conditions could be
respected and the inconsistency removed. The inconsistency in the original parallel
element model occurs when element2 fails after elementl goes into plastic range.
Since elementl and element2 are comprised between the same nodes, the plastic
rotation at one end should be the same for both elements | and 2. The modified

parallel element is shown in Fig. 7.4.

Moment 4

>

Oy Ores Rotation
Parallel-Element

Figure 7.2 Load-Deformation characteristic for the parallel element
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Figure 7.4 Modified Parallel-Element
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The model used for the infill panels is shown in Fig.7.5. The infill panel is
assumed to have shear stiffness only. The strain hardening is assumed equal to 1% of
the initial stiffness and the strain at failure was assumed equal to 0.4% (FEMA 273).
The infill panel element can not be used to represent “accurately” a shear wall

because the flexural stiffness of a shear wall is not negligible.

Shear Infill failure
Stress
oy
»
Yy 04 % Shear Strain

Figure 7.5 Stress-Strain characteristic of infill panel element’

7.2.2 Input and Building Description

A frame structure with infill walls from the 2™ floor to the roof (SSS
structure Fig. 5.1, Run 13 from Table 5.1) was analyzed. Material strengths were
taken as 2.25 ksi or 90% of the nominal design strength for concrete and 80 ksi or
4/3 the design strength for reinforcing steel. The effective stiffness was assumed
0.5E.I; for beams and 0.7E.I; for columns. Beam-column joints were assumed rigid
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and fixed end moments were computed at the face of the connection. The residual
strength of columns susceptible to fail in shear was assumed equal to 2/3 the
maximum strength capacity. The mass attributed to the frame was assumed equal to
15% of the total building mass (based on tributary area). Geometric aspects and
orientation of sections were as described in chapter 3. The foundation was assumed
to be rigid. The building was subjected to the ground shaking record from the
Ceyhan Earthquake. The magnitude of ground accelerations was scaled to achieve a
peak ground acceleration of 0.2g, 0.25g and 0.45g. The performance of the structure

was evaluated for each of the peak ground accelerations.

7.2.3 Results

When the structure was subjected to the Ceyhan ground acceleration with
0.2g as a peak, the structure experienced minor damage to structural elements. The
infill walls between the 4™ and the 7™ floor failed, while beams on the 5™ floor
yielded. The columns did not yield at any location.

When a 0.25g peak Ceyhan ground acceleration was used, beams on the 5™
and on the 6" floors reached yield. The interior four columns also yielded at the base
of the structure. The infill walls between the 4™ and the 7" floor failed. The inelastic
deformations of all structural members were still within the life safety range for the

acceptance criteria given in FEMA 273!,
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Using the ground acceleration record from the Ceyhan earthquake scaled to a
peak of 0.45g, SSS sustained structural damage and the structure did not meet the
acceptance criteria for life safety in FEMA 273. Infill walls between the 4" and the
7™ floor failed. Beams on the 5™ and 6™ floors reached yield. On the 5™ story, the
interior four columns failed in shear and the exterior columns reached yield at the top
end. Figure 7.6 shows the failure sequence and location in SSS subjected to 0.45g
peak ground acceleration from the Ceyhan earthquake.

Column shear failure on the 5™ story was observed when a peak ground

acceleration of 0.4g or higher was used.
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CY column yield
CS column shear
BY beam yield

W panel failure

The number preceding the notation shows the sequence of events.

Figure 7.6 Failure sequence in SSS structure — Ceyhan Earthquake with 0.45g
peak ground acceleration.

Figures 7.7 to 7.10 indicate that base shear or roof displacement are not
proportional to the peak ground acceleration. After the structure had sustained some
damage from yielding and/or failing elements, its behavior ceased to be linear and it
had a longer period. It was found that, with a peak ground acceleration of 0.2g, only
beams on the 5" floor yielded and Fig. 7.10 shows significant interstory drifts on
stories 4 and 5. With 0.25g peak acceleration, beams on the 5™ and 6™ floors yielded
and Fig. 7.10 shows large interstory drifts on stories 4, 5 and 6. With 0.45g peak
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acceleration, beams on the 4™ and 5" floor yielded, column shear failure occurred on

the 5" story and Fig. 7.10 shows the largest interstory drift at the 5" story.
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Figure 7.7 Time history of base shear for SSS structure — Different peak ground

accelerations.

211



o

N

(6]
=

-0.75 L S B Y S R
0 1 2 3 45 6 7 8 9 1011 12 13 14 15

Time (s)

Figure 7.8 Time history of roof drift for SSS structure — Different peak ground

accelerations
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Figure 7.9 Maximum story drift for SSS structure — Different peak ground

accelerations
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Figure 7.10 Maximum interstory drift for SSS structure — Different peak ground

accelerations

From Fig. 7.11, it can be observed that failure on upper floors was
independent from the base shear. Column shear failure on the 5 story occurred
when the interstory drift on this story reached 0.75% for the first time. The failure

corresponded to the first peak roof displacement.
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Figure 7.11 Sequence of failure in structure SSS with 0.45g peak ground acceleration

from the Ceyhan Earthquake
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Figure 7.12 displays the time history of roof drift and the time history of the
interstory drift between the 5" and 6™ floors (interstory drift on the 5™ story) when
SSS was subjected to the Ceyhan ground accelerations with a peak value of 0.25g.
Note that roof drift was normalized by dividing the roof displacement by the height
of the building, and the interstory drift on the s® story was normalized by dividing
the differential displacement of the 5" and 6™ floor by the height of the 5 story. It
can be observed that an interstory drift larger than 0.75% was reached on the 5™
story and no shear failure was observed. Although, it is believed that damage/failure
is related to interstory drift®®, the observation just mentioned proves that interstory

drifts are not enough to determine failure.
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Figure 7.12 Time history of roof drift and 5™ story interdrift for SSS with 0.25g peak

ground acceleration from the Ceyhan Earthquake.
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7.3 Retrofit
73.1 Conditions

The extensive damage and economic losses which occurred during the 1994
Northridge and other recent moderate earthquakes have promoted structural
engineers to consider protecting economic investment in addition to meeting life
safety requirements of structures.

The damage may be due to strength deficiency, inadequate stiffness or lack of
deformation capacity. Appropriate retrofit systems have been developed in research
and used in practice to enhance the performance of structures. FEMA 273 provisions
and guidelines were developed to serve as guidance to the seismic evaluation and

rehabilitation of stuctures'’°.

7.3.2 Design Strategy for Seismic Retrofit

The choice of a retrofit scheme depends on economic, architectural, structural
and feasibility constraints. In this section, structural aspects in the design strategy for
retrofit are discussed. Retrofit strategy serves to determine whether strengthening,
stiffening, or enhancing the deformation capacity or a combination of all three is
needed to retrofit the structure. In order to select a retrofit strategy, it is necessary to
establish the performance objectives desired for the building and the existing
deficiencies. ATC 407, a document developed by the Applied Technology Council,
provides guidelines for the selection of a retrofit strategy.
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In most cases, strengthening and stiffening of a structure are inseparable. The
effect of this retrofit strategy is expected to lower the lateral deflection of the
structure and to increase its capacity.

Enhancing the deformation capacity of a structure is produced by increasing
the ductility of the structural components or by the application of base isolation.
Enhancing the ductility of structural components is adequate if only a few existing
elements are deficient. Base isolation is efficient if the structure is very stiff with

respect to the base isolation components.

7.3.3 Retrofit Options/Techniques

A retrofit system or technique is a specific method used to achieve a selected
strategy. Based on the objectives of the building owner, the current state of the
structure and the economic constraints, retrofit techniques may target strengthening,
stiffening or enhancing the deformability of the structure. Techniques that are
commonly used include, base isolation, addition of mechanical dampers (energy
dissipation devices), addition of structural walls or braces, element jacketing and
ultimately, demolition of part of the structure or reducing the stiffness of some
clements.

Base isolation is an expensive technique. It is suitable for stiff structural

systems. The theory of base isolation is founded on concentrating the inelastic
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deformation at the base in the special elements or isclators, and reducing the seismic
demand by lengthening the fundamental period of the structure.

Mechanical dampers are typically installed as part of a bracing system. They
are most effective in structures with significant deformation capacity. They are
intended to increase viscous damping in the structure and hence, reduce seismic
demand and increase the energy dissipation capacity of the structure.

Element jacketing can be used for both concrete and steel frame elements.
Jacketing can provide an increase in strength, stiffness and ductility’’. When
elements are jacketed, the structural system of the retrofitted building remains
unchanged.

Bracing is extensively used in steel frame structures and can be used for
concrete frame structures also. The use of bracing was found to improve the lateral
stiffness and strength a structure'> 2. However, the ductility of a braced frame
relying on both tension and compression in the braces may be unreliable and such
systems should be used with caution’.

The addition of structural walls or infill panels is a common technique for
improving lateral strength and stiffness. Connecting the additional wall elements is
essential in transferring the lateral forces between the wall and the existing structural
elements. Therefore, quality control is of primary importance. In an infill wall
scheme, existing columns act as boundary elements and therefore are subjected to
large compressive or tensile axial forces. Consequently, the benefits of adding infill
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walls will be limited by the failure of columns unless existing columns are
strengthened as well”. Depending on the size of the added wall(s), the behavior of
the retrofitted frame structure may be controlled by the structural wall(s). Because
walls are much stiffer than frame elements, they attract most of the lateral forces and
therefore may require modifications to the foundation.

The demolition of part of a structure is intended to reduce the inertia forces
by removing a fraction of the building mass. The decrease in element stiffness may
be achieved by cutting a wall into two walls for instance or cutting some longitudinal
reinforcing bars. The intent of reducing the stiffness of some elements is to reduce
their share in resisting the lateral forces on a local scale. On a global scale, the period
of the structure is lengthened when stiffness of the structure is reduced and hence,
the acceleration demands on the structure are reduced but displacements increased. A
retrofit technique based on reducing stiffness depends heavily on the site
characteristics and the structure’s modal properties and may not be applicable to all

kind of structures.

7.3.4 Application of Retrofit
Two retrofit techniques were chosen to be analyzed, namely the addition of a
structural wall and stiffness reduction. The same SSS building analyzed earlier in the

present chapter was considered with the following modifications:
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A separation space was assumed between the frame of the structure and the
infill walls. The space was assumed large enough so that the infill panels
would not contribute to the lateral resistance of the building. Infill walls added
only weight to the structure and no lateral load resistance. The model is noted
FR15 (Fig.5.1) corresponding to a frame structure with attributed mass equal
to 15% the total building mass (Run 12).

A structural wall connected to the existing columns was added to the SSS
structure in the central bay (Fig. 7.13). The wall is a 20 cm reinforced
concrete. The vertical and horizontal reinforcement in the web of the wall
consisted of one layer of bars 12 mm in diameter spaced at 45 cm in both
directions. The connected columns were considered as boundary elements for
the wall. The mass distribution was based on a constant ratio of mass to initial
stiffness of the structure. Therefore, the mass of the section analyzed was
assumed equal to 30% the total building mass. For the analyses using DRAIN-
2D, the wall sections were modeled by a deep beam controlled by flexure.
Two possibilities were considered for the wall foundation, namely a rigid
foundation (SSS.FW, Run 23) and a pin (SSS.PW, Run 24). The addition of
wall panels between existing columns without retrofitting the foundation was

assumed as pinned base wall.
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Figure 7.13 Wall retrofitted structures SSS.FW and SSS.PW

7.3.4.1 Addition of Shear Walls

The computed fundamental periods of SSS.FW and SSS.PW were 0.51 and
0.77 seconds respectively.

SSS.FW and SSS.PW were subjected to the ground accelerations from the
Ceyhan earthquake scaled to a maximum peak acceleration of 0.45g. Fig. 7.14
shows the time history of base shear for SSS, SSS.FW and SSS.PW. The stiffer
structure (SSS.FW) experienced the largest base shear. However, the largest base
shear in SSS occurred after column shear failure on the 5" story.

Figures 7.15 and 7.16 indicate that the structure SSS.FW, which was initially
the stiffer, experienced the largest peak roof drift (at 8.52 seconds, Fig. 7.15). This
paradox may be due to the yielding of the wall on the 5th and 6™ stories (at 8.38

seconds) and the plastic hinge that formed when the base of the wall reached yield at
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6.1 seconds in SSS.FW. Flexural yielding of the wall occurred only on the 5™ story

(at 8 seconds) in SSS.PW.

05
04 || ——SSSFW

0.3 .- S88

02 ——SSS.PW
011 — K

02 e
_0.3 1 s et e = e
04 | S
05 +— —————————

0 1 2 3 4 5 6 7 8 9 10 11 12 13 14 15
Time (s)

Figure 7.14 Time history of base shear for SSS, SSS.FW and SSS.PW
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Figure 7.15 Time history of roof drift for SSS, SSS.FW and SSS.PW
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Figure 7.16 Maximum story drift for SSS, SSS.FW and SSS.PW
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Figure 7.17 indicates infill failure at all levels in SSS.FW while infill failure
(interstory drift greater than 0.4%) was reached on stories 2 to 4 in SSS.PW.

When the walls were added, the existing columns were asumed to act as
boundary elements for the added walls. Columns on the 5™ floor to the roof had
smaller size and capacity than those between floors below. The wall flexural yield on

the 5™ story in SSS.FW and SSS.PW is due to the weaker boundary elements on this

story for both structures.
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Figure 7.17 Maximum interstory drift for SSS, SSS.FW and SSS.PW

Flexural yielding of certain columns at the base of structures SSS.FW and
SSS.PW can be seen in Figs. 7.18 and 7.19. When the wall reached yield at the base
of the structure, its tangent stiffness decreased. As the base shear increased after the

base of the wall yielded, the added shear was distributed to the remaining resisting
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element in proportion to their stiffness. Columns that had their long direction in the
plane of the frame were stiffer than those with long direction normal to the plane of

the frame (Figs. 7.18 and 7.19) and attracted more shear which lead to their yield.



"

Columns
20 x70cm

Columns
20 x80cm

™

Columns
20x 70 cm

N
A

Columns
20x80cm




In this case study, it seems that the addition of a shear wall as a retrofit
scheme is adequate in providing life safety performance of the structure. However,
architectural damage may still be significant (Figs. 7.17 and 7.18). The added wall
with a rigid foundation had lower performance than the wall with pinned base. The
addition of wails provided strength and stiffness increase. The added strength was
beneficial in eliminating the shear failure in columns. The added stiffness with
pinned-base wall reduced the deformations in the structure at upper levels only, but
the added stiffness with fixed-base wall caused higher inertial forces and did not

reduce the deformations in the structure.

7.3.4.2 Stiffness Reduction

Assuming the space between the framing system and the infill walls is large
enough so that the infill contribution is absent, structure FR15 appears to satisfy the
performance criteria for immediate occupancy level, set by FEMA 273, when
subjected to the Ceyhan ground acceleration with a peak ground acceleration of
0.45g. The analyses indicated that some beams on the 3™ and 4™ floors barely
reached. yield. FR15 met the performance criteria for life safety when the Ceyhan
ground accelerations were scaled to a peak of 0.8g. The interior four columns
reached yield at the base of the structure and the beams on all floors yielded but did

not reach the life safety limit for plastic rotation (0.02 rad, FEMA 273).
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As expected, Figs.7.20 and 7.21 show that peak roof displacements and peak
base shear were larger using a peak ground acceleration of 0.8g. However, neither
displacements nor base shears were proportional with respect to peak ground
accelerations for FR1S. Proportionality would be expected only if the structure

remained totally in the elastic range.
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Figure 7.20 Time history of base shear for FR1S using different peak ground

accelerations scaled from the Ceyhan earthquake
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Figure 7.21 Time history of roof drift for FR15 using different peak ground
accelerations scaled from the Ceyhan earthquake

Figure 7.22 indicates the predominance of the first mode in the shape of
maximum drifts for the frame structure FR15. The general shape of maximum story
drifts and maximum interstory drifts were about the same using 0.8g and 0.45g, but
the values were significantly different (Figs. 7.22 and 7.23). The interstory drifts
shown in Fig. 7.23 indicate that a space of approximately 3.3 cmor 1.3 in (1.1% x
300 cm) between the infill walls and the adjacent columns is needed on the 6™ floor
assuming the peak ground acceleration is 0.45g. Similarly, a space of approximately
5.7 cm or 2.3 in (1.9% x 300 cm) between the infill walls and the adjacent columns

is needed on the 5™ floor assuming the peak ground acceleration is 0.8g. In practice,
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such a space becomes critical for many reasons: structurally, the infill walls need to
be stabilized against motions in the direction perpendicular to the plane of the panel.
Architecturally, the space between infill walls and exterior frame may not be
appealing. From the construction point of view, there may be a potential risk of
water and tightness of the building.

The failure of infill panels was assumed to occur when an interstory drift of
0.4% was reached. Hence, assuming the same interstory drifts for FR15 with infill
walls as for FR15, Fig. 7.23 indicates that infill panels would have failed on the
second story up to the roof using a peak ground acceleration of 0.45g. However, the
contribution of infill to the stiffness of the structure is not negligible, consequently,
the assumption that SSS structure will behave as FR15 since interstory drifts for
FR15 exceed 0.4% would be wrong. The behavior of SSS is expected to approach
the behavior of FR15 if the interstory drifts for SSS exceed 0.4% at all levels with

infill walls.
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Figure 7.22 Maximum story drifts for FRI5 using different peak ground

accelerations from the Ceyhan earthquake
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Figure 7.23 Maximum interstory drifts for FR1S5 using different peak ground

accelerations from the Ceyhan earthquake
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7.3.5 Enhanced Design
7.3.5.1 Conditions

Two soft first story frame structures, REGULAR.LONG (Run 21) And
REGULAR.SHORT (Run 22), with regular column layout were analyzed and the
resuits compared to those from the prototype SSS building. REGULAR.LONG had
the larger shear capacity in the direction of loading and REGULAR.SHORT the
smaller. REGULAR.LONG was assigned 20% of total building mass, and the long
direction of all columns was in the plane of the frame. REGULAR.SHORT was
assigned 5% of total building mass, and the long direction of all columns was
normal to the plane of the frame. All other parameters were the same for both regular
buildings. The fundamental periods of REGULAR.LONG, REGULAR.SHORT and

SSS were 1.05, 1.35 and 0.95 seconds respectively.

7.3.5.2 Results

Maximum story drifts and interstory drifts for REGULAR.LONG,
REGULAR.SHORT and SSS are shown in Figs. 7.24 and 7.25. As expected,
REGULAR.SHORT was the most flexible and had the largest story drifts at the
lower stories. Yielding of columns on upper floors in the three structures indicated
the higher mode effects. Column size, shear and flexure capacities were smaller from
the 5™ floor to the roof than the columns below. Shear failure occurred on the 5
floor in the four interior columns in SSS.
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Figure 7.24 Maximum story drift for SSS, REGULAR.LONG and
REGULAR.SHORT

The first story columns in REGULAR.SHORT met the life safety
requirements for components set by FEMA 273 although interstory drift on the first
floor was larger than 1.5%. The inelastic rotations at the base of columns in
REGULAR.SHORT were 0.003 (<0.01 set by FEMA) and the major portion of the

drift was due to the elastic deformation of these flexible columns.
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Figure 7.25 Maximum interstory drift for SSS, REGULAR.LONG and
REGULAR.SHORT

Figures 7.26 a and b show the location and the sequence of failure in
Structures REGULAR.LONG and REGULAR.SHORT. As expected, it appears that
structures with regular column layout performed better than irregular structures. In
this particular case, and for life safety, no structural upgrading of the structure would

be needed if the column layouts were regular.
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Figure 7.26 Locations and sequence of failure
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7.4 Discussion and Design Implications

The present parametric study was conducted using simple modeling
assumptions. When studying the effect of one parameter, the remaining parameters
were held constant. However, the suggested values for the parameters were
hypothetical, yet care was taken to choose parameters representative of the “real” or
expected field values. No field data were available at the time the analyses were
performed. Therefore, uncertainty in the structural properties and earthquake input
were unavoidable, but to be expected in practice. Also, limitations of the element

models and the capacity of the analytical tools were a challenge.

7.4.1 Uncertainties

Uncertainties derive from both the structure and its location. Only a few of
these uncertainties are approached in this section:

The foundation was assumed on bedrock and in most cases rigid (except for
SSS.PW). Vertical accelerations were ignored because in a previous study’>, the
effect of vertical accelerations appeared to have no major impact on the response of
the structure except for the axial force in columns.

The acceleration record used in most of the analyses was the longitudinal
component of the Ceyhan earthquake. For the same location, the spectral
characteristics of the transverse component were significantly different from the
longitudinal component (Figs. 7.27 and 7.28).
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Figure 7.27 Acceleration response spectra at 5% damping for the longitudinal and

the transversal components of the Ceyhan earthquake

237



— Cayhan long. — Ceyhen trans.

58 &

Spectral Displacement(mm)
8 8

8

o
i

Figure 7.28 Displacement response spectra at 5% damping for the longitudinal and
the transversal components of the Ceyhan earthquake

Numerous assumptions were made in modeling the structural properties of
the building. No tests of typical ribbed slab wall-type column connections used in the
structural system were found. It was assumed that the slab action was restricted to
the concealed beams (main beams) framing between columns and the influence of
the ribs was ignored (the ribs were normal to the concealed beams and the plane of
the frame). However, previous studies'**>™ showed that the slab contribution

increased somewhat both the stiffness and the strength of beams.
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The effective stiffnesses of the structural components were assumed to have
constant values. The effective stiffness was expressed as fraction of the stiffness of
the gross section of concrete. The same fraction was assumed at ail levels. A
previous study"‘ showed that the response is expected to be different if “softening”
of the elements were considered as drift levels increase. The overall stiffness is
expected to decrease as components crack, yield or fail.

The distribution of mass to different portions of the lateral load resisting
systems of the building was proportional to stiffness. The stiffness of the frame was
determined based on the fraction of shear resisted by this frame from a linear
dynamic analysis. Therefore, a constant mass was used during the time history
analyses whereas in a real structure, the distribution of mass between lateral-load
resisting elements would be changing with time if elastic limits of various elements

were exceeded.

7.4.2 Limitations
Limitations of the analytical tools include a very limited library of element
models, instability of the programs when several elements fail simultaneously, and
the approximations needed to convert an irregular 3D-structure using a 2D model.
The limitations in the existing elements in DRAIN-2D were discussed in
section 7.2.1. DRAIN-2D appears to be more appropriate for time history nonlinear
analyses rather than static nonlinear analyses for two reasons.
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s Only force controlled analyses can be performed using DRAIN-2D.
Therefore, a drop in the force with an increase in displacement is not possible,
hence a residual strength cannot be visualized in the pushover curve computed
using DRAIN-2D. Also, several elements may fail during the same force
increment, consequently a sudden instability of the program causes the
analysis to stop.

=  DRAIN-2D does not have a modal adaptive load pattem for static analysis.

The nonlinear analysis in SAP2000 seems to be incomplete at the present
stage. The pushover analysis is limited to frame structures and no models for wall
panels are included. The nonlinear element models have only bilinear (or
exponential) characteristics. Such models can only determine the maximum lateral
capacity of the structure®. No degradation in strength or stiffness is considered in
SAP2000. Howe;/cr, previous studies'*~>%* have shown that degradation in stiffness
and strength has a major effect on the displacement response of the structure and the
determination of failure sequence and location. Also the pushover analysis in
SAP2000 is limited to frame structures. Although SAP2000 includes a preprocessor
for the determination of section properties given the geometry of the section and the
material properties, the determination of shear capacity does not seem to be accurate
because the transverse reinforcement participation seems to be ignored.

It seems that with DRAIN-2D and SAP2000, nonlinear static analysis is more
appropriate for regular low-rise frame structures rather than for structures including
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panel elements. The reason may be the limitation in element models and in lateral
load patterns available for use with DRAIN-2D and SAP2000. Low-rise frame

structures are dominated by the first mode response.

7.4.3 Design Implications

It appears that drift can be a good measure of damage in non-structural elements.
Infill panels failed at 0.4% interstory drift set in the analytical model (FEMA 273).
However, it was found that drift was not a precise indication of structural damage.
Columns between stories that may have reached a differential drift of 2.6% did not
fail in one case and in another case failed at a differential drift of 1.8%. This was

interpreted and discussed in section 5.3.6.2 and summarized below in Fig. 7.29.
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(b) Hinging at one end

AA<AB
Where,

M1, M2 = moment at end | and end 2 respectively;
Mly, M2y = yield moment at end | and end 2 respectively;
L = length of the column;
V = shear in the column;
Vmax = shear capacity of the column.
Figure 7.29 Sketches of two different scenarios for large drift
Infill panels were controlled by shear only. Therefore, one variable, such as
interstory drift is enough to predict failure of infills. For structural components such
as columns and beams involving both shear and flexure capacities at both ends,

interstory drift is not sufficient to predict failure.
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CHAPTER 8
CONCLUSIONS

8.1 Summary

The performance of typical structural system used in the Eastern
Mediterranean was studied. These structural systems are flexible but have low
ductility and strength. Extensive damage, loss of life, and economic disruption that
have occurred several times in Greece, Turkey, and other locations in that region
indicate the need for evaluation and retrofitting of existing structures. In the absence
of field data, a parametric study with representative values was conducted using
nonlinear analyses to assess the significance of the parameters considered.
Information on deformation demands, intemal force distributions and locations of
failure in elements of the lateral force resisting system can be obtained from
nonlinear dynamic analyses. Verification of nonlinear static and nonlinear dynamic

procedures were included in this study.

Objective

The objective of this study was to evaluate the influence of earthquake
ground motions, geometry of the structure, and material characteristics on the
response of concrete Structures. The results provide data that may be helpful for
guiding nonlinear dynamic analyses for design of new buildings or for evaluation

and retrofitting of existing structures.
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Parametric Study

A prototype basic reinforced concrete frame structure was analyzed using a
scaled ground acceleration record from the Ceyhan (Turkey, 1998) earthquake.
Variations in the basic structure include different mass distributions, variation of the
column dimensions, orientation of the rectangular columns, or inclusion of infill

walls.

Analytical Tools and Models

Two nonlinear programs were studied, DRAIN-2D and SAP2000. DRAIN-
2D was used for both nonlinear static and dynamic analyses. Section characteristics
were determined using RCCOLA and the structural component models were selected
from the available elements in DRAIN-2D library of elements. The NLLink in
SAP2000 was not used because it does not include strength or stiffness degradation.
SAP2000 was used for pushover analysis only because it offers the possibility of
using the component modeling defined in FEMA273. DRAIN-2D was used for the
parametric study and the verification of the pushover procedure in SAP2000.

Beams and columns controlled by flexure were modeled using the beam
element available in DW-2D.The beam element is a linear elastic element with
nonlinear spring elements attached to each end. Inelastic behavior is concentrated at
the end to represent stiffness degradation.
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Infill walls were modeled using the infill panel element available in DRAIN-
2D. The infill panel model has shear stiffness only and the load-deformation is
bilinear with a defined deformation limit. If deformation reaches the limit defined,
the panel is considered to have failed and is ignored in subsequent loading history.

Columns controlled by shear were modeled using the parallel element
developed by Li and Jirsa and modified to satisfy boundary conditions. The original
parallel element assumed equal moments at both ends of the member. The modified
parallel element allows the member to reach yield at one end before failing in shear,

or to reach yield at both ends thereby precluding a shear failure.

Parametric Study

The structural parameters investigated using nonlinear time history
procedures included variations in material and geometry. The material strength and
ductility had little influence on the behavior of the frame structure in the range of
ground accelerations used for the investigation. The effective stiffness of beams and
columns had a significant effect on the response of the structure. The use of column
dimensions with different width to depth ratios had little influence on the response if
the orientation was the same (strong or weak axis in direction of loading).

It was found that the rigidity of beam-column connections significantly
influenced the global stiffness of the structure and the associated displacement. As
long as beam-column connections do not fail, the assumption of rigid connection
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seems acceptable. In the prototype structure, joints are unlikely to fail because of
their geometry and the low strength of the beam and column elements at the
connection.

The variation in column size over the height of the structure did not seem to
alter the general response of the structure. However, shear failure in columns was
predicted on the 5" story for the structure with smaller size columns from the 5"
floor to the roof.

The column layout may alter the response of the structure because the
stiffness of the structure changes significantly depending on the orientation of the
column long axis (for rectangular columns). As expected, the stiffer elements
attracted more shear and may fail even if shear capacity in that direction is larger. As
expected, better performance was achieved using regular column layout (all
rectangular columns having the same orientation).

The distribution of mass to the different frames in a building was found to
have an important influence on the behavior of the structure. A larger mass produces
larger inertial forces and longer periods. Two options were used for the distribution
of mass to different portions of the lateral load resisting systems of the building: a
constant value proportional to the initial stiffness of the frame or a constant value
proportional to the tributary area for gravity load assigned to the frame. The “all
infill” (AI) structure experienced column shear failure on the 6™ story when the mass
distribution was based on a constant value proportional to the initial stiffness of the
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structure. No shear failure was calculated when the mass was based on a constant
value proportional to the tributary area. However, the “soft story” (SSS) structure
experienced column shear failure when the mass was based on tributary area, while
no shear failure was calculated when the mass was based on stiffness. Therefore, it is
recommended that both cases be considered for design and/or evaluation, because in
a real structure, the distribution of mass is expected to vary as components crack,
yield or fail.

The infill walls were found to produce failures at different locations than
might be anticipated. Unless there is a sufficient gap between infills and frame
elements to allow large interstory drifts without the frame bearing on the infills, the
effect of infills must be included.

The residual shear level for a column depends on the amount of transverse
reinforcement and the axial load in the column. The lower the residual strength the

more vulnerable the structure to total collapse.

Ground Motions

To compare the effects of ground motion, four earthquake records were
selected and scaled to the same peak ground acceleration. The frame structure with
infill walls from the 2™ floor to the roof was subjected to the four records and
analyzed using the nonlinear time history procedure. The responses varied
significantly. Response spectra were helpful in understanding the differences.
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The ground motion record from the Ceyhan earthquake was scaled to three
different peak ground accelerations namely, 0.2g 0.25g and 045g and the
performance of the building was evaluated using the scaled records. It was found that
shear failure occured in columns on the 5" story only after peak acceleration of 0.4g
was applied.

The lack of soft-first-story response for the prototype building may be
because shear failure occurred first in columns on upper floors. The base motion

used may have dominated the parametric study.

Retrofit Schemes

Two retrofit schemes were analyzed. One retrofit system consisted of adding
a shear wall to the structure in the central bay. Another retrofit system consisted of
separating the infill walls from the frame so that there was no frame-wall interaction.
The walls were considered to add mass only.

The addition of the shear wall eliminated column shear failure and reduced
the damage to structural components, however the infill walls failed because
interstory drifts exceeded the limit deformation capacity for infills.

When infill walls were separated from the frame, large interstory drifts were
observed. Minor structural damage occurred in the beams because the beams (floor

system) were very flexible. The frame structure (with no infill contribution to the
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lateral load resisting system) performed very well. However, the space between
infills and columns may be too large to be a practical option.

The assumption of the structure with infill behaving like a frame structure
after the infill has failed is not acceptable because infill panels do not fail at all floor
levels at the same time. Therefore, the system with failed infill panels may resemble
a structure with soft stories at levels where infills have failed. The addition of a shear
wall as a retrofit scheme can provide life safety level of performance and the
preference for such retrofit is supported by the extensive use of walls in retrofit

projects all over the world.

8.2 Conclusions
Based on the assumptions made and the limitations of the analytical
procedures used for the prototype flexible structural system, the following

conclusions and recommendations were made:

Important Material and Geometric Parameters

L. The effective stiffness was an important factor in determining the response of the
prototype structure. Ideally, an effective stiffness that changes as the analysis
progresses should give the best results. Alternatively, a constant value for the
effective stiffness could be used provided low values are assigned to elements
expected to experienée large forces and cracking. Effective stiffness values
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suggested in FEMA 273 and ACI 318-95 gave nearly the same results in this
case study.

. Failure of columns in a softened story (after the infills have failed) was caused by
irregular column layout rather than by large displacements consistent with a
reduction in stiffness at that level. The column layout controlled the response of
the structure. For an irregular column layout, the stiffer columns in the plane of
the frame attract more shear force and are susceptible to failure depending on the
shear capacity provided.

. When different column sizes were used over the height of the structure, failure
was more likely at the level where the size (and capacity) was reduced. It was of
interest to observe that the reduction in shear capacity of the smaller columns
was about 10% (<25%, the criteria for weak story as by FEMA 273) but lead to
dramatic difference in the failure pattern. A uniform column size over the height
of the structure is always desirable.

. The distribution of mass to the different frames in a structure is an approximate
procedure. It is recommended that at least two cases be analyzed, namely a
distribution based on tributary area and a distribution based on constant mass
proportional to initial stiffness, where stiffness is based on an elastic dynamic

analysis.

. Infill walls altered the behavior of the structure and lead to failure in cases where

the structure without infills (bare frame) would sustain only minor damage.
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Although the structure may resemble analytically a frame structure after infill
walls have failed, the sequence of failure causes the behavior of the structure

with infills to be different from that of the frame structure.

Earthquake Ground Motions

1. Ground accelerations from different earthquakes were scaled to the same peak
and were used to evaluate the performance of the prototype structure. Severe
damage to possible column shear failure was predicted with different earthquakes
of the same intensity. The use of several earthquake records is recommended to
fully understand the range of response possible. Recent earthquakes have
provided new records that indicate different response at a given site depending
on the location of the triggering event.

2. The response of the prototype structure could be explained using acceleration
response spectra and the first two modes of the structure, suggesting that
acceleration spectra can be used for an approximate solution that provides

acceptable accuracy.

Analytical Tools and Procedures

1. SAP2000 does not seem to be suitable for nonlinear analyses at its current stage
of development. The nonlinear time history portion needs a better element library
with degrading strength and stiffness models. The nonlinear static analysis
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portion of SAP2000 is very promising since it allows the direct input of the
component characteristics and acceptance criteria described in FEMA 273.
However, it seems to be adequate for frame structures only. It is recommended
that component characteristics be input manually rather than generated
automatically by the SAP2000 processor. Computation of shear capacity by
SAP200 processor seems to be incomplete.

. The nonlinear time history procedure yields information on internal forces and
deformations that are needed to determine location and sequence of
failure/damage. Once again, a range of input assumptions and properties may be
needed to bracket behavior.

. Nonlinear static procedures provide a relationship between base shear and roof
displacements needed to establish performance of the structure. The pushover
analysis is load pattern dependent with the lateral capacity depending on the load
pattern used. It is recommended that nonlinear static procedures be used with
caution and for low-rise frame structures.

. For the same peak roof displacements, interstory drifts from pushover analyses
were equal or larger than those from nonlinear time history analyses, suggesting
that more damage in the structure is expected from pushover analyses than from
nonlinear dynamic analyses. The pushover procedure may lead to more

conservative design than nonlinear time history analysis.
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Performance and Retrofit

1. Using nonlinear time history analysis, the frame structure with infills on the 7
floor to the roof was found to meet the performance criteria for:

. Immediate Occupancy when subjected to the ground shaking from Ceyhan

earthquake with peak acceleration of 0.2g

. Life Safety level with peak acceleration of 0.25g

. Collapse Prevention level with peak accelerations of 0.45g.

2. The separation of infills from the frame components to provide enough space so
that no infill action is possible was considered as a retrofit scheme. The
retrofitted structure was found to meet the life safety level of performance set by
FEMA273 with peak accelerations in excess of 0.45g. However, displacements
were quite large.

3. The addition of shear walls provided a life safety level of performance with peak
ground acceleration of 0.45g. It seemed to be the most appropriate retrofit system

considering economy and structural performance factors.

8.3 Assumptions and Uncertainties

Nonlinear time history analyses provide information on internal forces and
deformations necessary for design and evaluation of structures. However, the results
presented in this study were very sensitive to assumptions and initial conditions.
Therefore, engineering judgement of the computed results and a verification of the
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initial modeling assumptions were crucial in assessing the credibility of the
analytical results. At the present time, the analytical techniques available do not
provide a range of variables or parameters to be considered to cover all the possible
responses of a structure. Given all the uncertainties in the input data and the
numerous assumptions involved in nonlinear analyses, the credibility of such

sophisticated techniques is questionable.

8.4 Suggestions For Further Research
After completing the research for this study, it was concluded that research in
the following areas would allow more rapid implementation of analytical procedures:

1. Field data are critical for calibration of non-linear time history procedures. A
study of the behavior of structures with concentric and eccentric beam-column
connections with wide shallow beams and wall-like columns is needed.

2. A preprocessor is needed for the computation of the properties of any arbitrary
section properties. The preprocessor should enable the user to define the stress-
strain relationship for steel and concrete materials. Such a processor should be
included as an internal subroutine in DRAIN-2D or similar programs for
nonlinear time history analysis. A subroutine that updates the stiffness of the
element at different sections as the element undergoes cracking is needed to
reduce uncertainties in the input of structural properties. A user-friendly interface
for DRAIN-2D is very desirable. More element models are needed, in particular
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a panel element that handles both shear and flexural stiffness of the element. The
parallel element model would be enhanced by including a limit on the inelastic
deformation.

. A three-dimensional non-linear time history analysis program is needed for
analyzing irregular structures. Such a program should account for torsion effects

and biaxial interaction.
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